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ABSTRACT 

Typical reinforced concrete (RC) bridges built prior to 1970 were designed with 

minimum seismic consideration, leaving numerous bridges highly susceptible to damage 

following an earthquake. In order to improve the seismic behavior of substandard RC 

bridges, this study presents the seismic performance of reinforced concrete bridge bents 

retrofitted and repaired using Buckling-Restrained Braces (BRBs) while considering 

subduction zone earthquake demands. In order to reflect displacement demands from 

subduction ground motions, research studies were conducted to develop quasi-static loading 

protocols and then investigate their effect on structural bridge damage. Results suggested 

that subduction loading protocols may reduce the displacement ductility capacity of RC 

bridge columns and change their failure mode. The cyclic performance of reinforced 

concrete bridge bents retrofitted and repaired using BRBs was experimentally evaluated 

using large-scale specimens and the developed loading histories. Three BRB specimens were 

evaluated with the aim of assessing the influence of these components on the overall 

performance of the retrofitted and repaired bents. Additionally, subassemblage tests were 

conducted in an effort to study the response of these elements and to allow for refined 

nonlinear characterization in the analysis of the retrofitted and repaired systems. The results 

of the large-scale experiments and analytical studies successfully demonstrated the 

effectiveness of utilizing buckling-restrained braces for achieving high displacement ductility 

of the retrofitted and repaired structures, while also controlling the damage of the existing 

vulnerable reinforced concrete bent up to an operational performance level. 
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1 CHAPTER 1  

INTRODUCTION 

1.1 RESEARCH MOTIVATION 

The Cascadia subduction zone (CSZ) is over 1000 km long boundary between the 

Juan de Fuca and North American plates. The seismic hazard posed by the CSZ in the 

Pacific Northwest of the United States had been largely underestimated due to the believe 

that the Cascadia Subduction zone was a quiet fault. However, with the studies carried out 

by Atwater et al. (2005) and Goldfinger et al. (2003) we now know that a megathrust 

subduction earthquake is likely to strike the coasts of the Pacific Northwest. Research 

studies (Goldfinger, et al. 2008) have shown that major subduction earthquake events have 

occurred in the Cascadia subduction zone in the past 3000 years including a M9.0 earthquake 

in 1700 (Atwater, et al., 2005). The recent occurrence of highly devastating subduction 

megathrust earthquakes of long duration, 2010 Maule, Chile and 2011 Tohoku, Japan have 

raised researchers’ interest in how earthquake duration and number of cycles may affect 

structural response and overall performance of structural components subjected to 

subduction zone earthquakes. Capturing the mega subduction effect is of vital importance in 

the assessment of reinforced concrete (RC) bridge components located in the Pacific 

Northwest coast of the United States since typical multi-column reinforced concrete bridge 

bents constructed in the 1950 to mid-1970 in that area were designed and built with 

minimum seismic considerations. This resulted in inadequate detailing within plastic hinge 



 

2 

zones, leaving numerous reinforced concrete bents highly susceptible to damage following 

an earthquake. This high level of seismic hazard creates a need for a more thorough 

understanding of the differences in structural response resulting from large subduction zone 

earthquakes, and consequently plan retrofit measures to mitigate the potential damage that 

these type of earthquakes poses in seismically vulnerable RC bridges. 

1.2 RESEARCH SIGNIFICANCE 

Current seismic retrofitting manuals and guidelines for existing highway structures in 

the United States are based on a performance-based design methodology, which uses a dual 

level approach to performance criteria with two seismic hazards (FHWA 2006), (ODOT 

2015). Therefore, engineers designing retrofit measures for improving the seismic resistance 

of existing bridge substructures need to ensure that the structure remains operational under a 

moderate earthquake and that life safety is preserved after a large earthquake. Conventional 

seismic retrofit measures including steel jacketing and fiber composite wrapping have been 

typically utilized to improve the ductility and shear resistance of reinforced concrete 

substructures, and their implementation have effectively prevented the collapse of bridges 

during major earthquakes (Kawashima, et al. 2011), (Hoshikuma and Guangfeng 2013). 

However, these measures neither prevent damaging of columns nor excessive displacements, 

which in some cases could result in not meeting the intended operational performance level. 

In order to overcome this problem, this research presents and experimentally validates the 

option of using Buckling-Restrained Braces (BRBs) as a retrofit and repair measure for 

reinforced concrete bridges in an effort to successfully demonstrate the effectiveness of 

utilizing buckling-restrained braces for achieving high displacement ductility of the 

retrofitted and repaired structure, while also controlling the damage of the existing 
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vulnerable reinforced concrete bents. The study of this retrofit technique will contribute to 

the knowledge of the structural engineering field and would be of great help for bridge 

design professionals in order to comply with performance-based criteria used to assess 

typical retrofit and repair options.  

1.3 OBJECTIVES 

The main objectives of the study are as follow: 

 Develop a rational quasi-static loading protocol capable of simulating the demands 

imposed on reinforced concrete bridge columns subjected to strong motions of long 

duration from subduction megathrust earthquakes. In order to achieve this objective, 

the results from non-linear time history analyses, which considered numerous 

subduction ground motions, and a simplified rainflow counting procedure (ASTM 

E1049-85, 2005) were used. 

 Propose design implementation guidelines, perform experimental evaluation and 

analytical studies on retrofitting deficient RC bridge bents subjected to subduction 

zone earthquake demands with the aim of achieving an operational performance 

level. The retrofit measure to be studied comprises steel braces in the form of 

Buckling-Restrained Braces (BRBs). 

 Assess and experimentally evaluate the option of repairing earthquake-damaged RC 

bridge bents through the inclusion of BRBs in an effort to restore the strength and 

stiffness of the damaged structure and improve its energy dissipation capacity. 

 Propose and validate refined numerical models based on experimental results in an 

effort to aid researchers and designers in performing nonlinear analyses. 
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 Develop seismic fragility curves that describe the conditional probability of 

exceeding a level of direct or indirect bridge damage for a given level of seismic 

hazard. Nowadays, fragility curves have emerged as an important decision tool to 

prioritize bridge retrofitting and estimate potential losses during and after a major 

earthquake. 

1.4 RESEARCH METHODOLOGY 

The research was divided into four main parts. First, a cyclic loading protocol was 

developed in order to reflect the displacement demands that subduction zone earthquakes 

impose on RC bridge substructures. Second, a literature review was carried out to examine 

current retrofit measures for RC bridge components. Third, buckling-restrained braces as 

retrofit and repair measure were analytically assessed and experimentally evaluated with the 

aim of achieving operational performance level. Finally, nonlinear modeling of the as-built 

and retrofitted RC bent will be carried out in order to characterize the system, validate the 

experimental results, and obtain seismic fragility curves. Figure 1.1 shows the schematic of 

the research methodology. 
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Figure 1.1 Research methodology 

1.5 CONTRIBUTIONS TO THE FIELD 

The main contributions of this PhD dissertation research can be summarized as 

follows: 

 Reflect subduction zone earthquake demands in the form of a stepwise quasi-static 

loading protocol, which may be utilized in laboratory and numerical evaluations of 

RC bridge components. 

 Present and analyze the first large-scale experiments utilizing BRBs for the retrofit 

and repair of multi-column reinforced concrete bridge bents. 

 Propose, analyze and effectively implement a novel gusset plate detailing to connect 

BRBs to concrete elements. 

 Produce design guidelines for the BRB/RC bent system and brace-to-concrete 

connection in order to comply with performance criteria required by bridge codes. 

DEVELOPMENT OF LOADING PROTOCOL

LITERATURE REVIEW ON RETROFIT MEASURES

ANALYTICAL AND EXPERIMENTAL ASSESSMENT OF BRBS

NONLINEAR MODELING AND SEISMIC FRAGILITY ASSESSMENT
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 Evaluate the seismic fragility of a representative bridge bent built prior 1970 in the 

State of Oregon in its as-built and retrofitted condition. 

1.6 DISSERTATION OUTLINE 

The dissertation is organized into eight main chapters with the following contents: 

Chapter 1 discusses the motivation of the study, scope of work, objectives and 

research methodology. 

Chapter 2 presents the development of a rational quasi-static loading protocol 

capable of simulating the demands imposed on bridge structures in an effort to advance the 

seismic assessment of reinforced concrete bridge columns subjected to subduction zone 

earthquakes of long duration. In this chapter, numerical and experimental results of 

seismically deficient square reinforced concrete columns constructed before 1971 in the 

State of Oregon are also presented with the aim of assessing the effect of the proposed 

loading histories on substandard RC columns. 

Chapter 3 presents a literature review on conventional and emerging retrofit 

measures capable of improving the seismic resistance of deficient RC bridge substructures. 

Chapter 4 describes the option of using sacrificial elements also referred to as 

structural fuses as a retrofit measure for reinforced concrete bridges in an effort to satisfy a 

dual level performance criteria, which states that a structure should remain operational under 

a moderate earthquake and that life safety is preserved after a large earthquake. In particular, 

Chapter 4 presents the design implementation of buckling-restrained braces for retrofitting 

and repairing substandard RC bridge bents. 

Chapter 5 presents experimental evaluation of using BRBs for retrofitting and 

repairing RC bridge bents using cyclic loading protocols that aim to represent displacement 
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demands imposed in bridges by subduction zone mega earthquakes. With that aim, five 

large-scale RC bridge bent specimens are tested in their as-built, retrofitted and repaired 

states. Moreover, subassemblage tests of three BRBs are performed in an effort to evaluate 

BRBs at a component level. 

Chapter 6 presents numerical characterization and simulations of RC bridge bents 

based on the experimental results presented in Chapter 5. Numerical simulations of the 

BRB/RC bent system are conducted using SAP2000 and OpenSees. 

Chapter 7 presents fragility curves for the as-built and retrofitted condition of a 

representative bridge bent. Thus, the effects of subduction zone earthquakes and retrofit 

measures can be better understood. 
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1.7 MAIN COMPONENTS OF A TYPICAL RC BRIDGE 

This section briefly describes the main components of a typical RC bridge since 

those terms are used throughout this dissertation. An illustration of the main components is 

shown in Figure 1.2. 

Superstructure: The portion of a bridge that is directly subjected to live loads such 

as pedestrian traffic, trucks, etc., is referred to as the superstructure. The superstructure may 

consist of a bridge deck, longitudinal beams also referred to as girders or stringers, transverse 

beams or diaphragms, and barriers or parapets. 

Substructure: Part of a bridge that supports the superstructure and has the function 

of transferring the loads from the superstructure to the foundation. The substructure 

includes: abutments, footings and RC bridge bents (or piers). The latter comprise RC 

columns and cap beams (bent cap) and are the focus of this study. 

 

 

Figure 1.2 Illustration of bridge components
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2 CHAPTER 2 

CYCLIC LOADING PROTOCOL CONSIDERING SUBDUCTION ZONE 

EARTHQUAKE DEMANDS 

2.1 GENERAL 

All structural components have limited capacity. For that reason, understanding their 

behavior under strong ground motion excitations has always been a major objective of 

earthquake engineering. One method to assess the performance of structural components is 

via experimental evaluations utilizing quasi-static cyclic loading. The relatively slow 

application of the load in quasi-static tests allows experimentalists to relate structural metrics 

such as top displacement, chord rotation, drift, strains, etc. to visual damage of specimens 

(e.g., first cracking, spalling of the concrete, buckling of longitudinal reinforcement). Current 

earthquake design procedures for structural components have been established based on 

experimental results utilizing quasi-static cyclic tests. Moreover, design codes are trending to 

a relatively new design methodology called “performance-based seismic design” (PBSD). In 

this methodology, a number of performance levels, which are frequently defined in terms of 

acceptable levels of damage, need to be satisfied under different levels of seismic hazards. 

Under this design methodology the assessment of different structural components plays a 

fundamental role.  

Numerous experimental and analytical studies have been conducted in order to 

assess structural components, define limit states and acceptance criteria to be used in 

performance-based seismic design [Hose and Seible (1999), FEMA356 (2000), 
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ASCE/SEI41-06 (2007)]. Many protocols have been developed and utilized to assess 

structural and non-structural components, e.g. Krawinkler et al. (1983), Cheung et al. (1991), 

ATC-24 (1992), Krawinkler et al. (2000a), (2000b), Richard and Uang (2006), FEMA461 

(2007), Hutchinson and Wood (2013), ACI374.2R-13 (2013). Despite these efforts, past 

loading protocol developments had not considered subduction ground motions because a 

scarcity of this type of record. However, the recent occurrence of highly devastating 

subduction megathrust earthquakes of long duration, 2010 Maule, Chile and 2011 Tohoku, 

Japan, have raised researchers’ interest in how earthquake duration and number of cycles 

affect structural response, collapse assessment and overall performance of structural 

components subjected to subduction zone earthquakes. The occurrence of these seismic 

events suggests that large magnitude ground motions of long duration have the potential of 

significantly increase the number of inelastic excursions and consequently incur more 

extensive structural damage compared to ground motions with similar elastic spectral 

displacement demands but less duration (Dusicka & Knoles, 2012), (Raghunandan & Liel, 

2013), (Chandramohan, et al., 2013). This effect is mostly attributed to the rate of structural 

strength and stiffness deterioration due to an increase in load reversals imposed for large 

magnitude and long duration ground motions. This aspect is particularly relevant in 

subduction zones due to the fact that larger magnitude earthquakes are associated with 

strong motions of long duration (Dobry, 1978), (Midorikawa, et al., 2012). The increase of 

inelastic demands creates a critical necessity to improve current loading protocols, which 

predominantly have been developed using crustal ground motions of moderate to high 

magnitude.  
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Capturing the mega subduction effect is of vital importance in the assessment of RC 

bridge components located in the Pacific Northwest coast of the United States which lies 

near the Cascadia subduction zone and where a mega thrust earthquake of long duration 

forms a major component of the seismic risk. This chapter discusses the development of 

rational quasi-static loading protocols capable of simulating the demands imposed on 

reinforced concrete bridge columns and its effect is investigated both numerically and 

experimentally. 

2.2 IMPLICATIONS FROM PAST RESEARCH 

Limited experimental data can be found on reinforced concrete columns subjected to 

long duration protocols that try to simulate subduction zone earthquakes since most of the 

seismic assessment of RC bridge columns has been carried out using conventional cyclic 

loading protocols, such as those shown in Figure 2.1. These conventional protocols have 

been developed to reflect seismic cumulative demands of short period structures that are not 

representative of long period structures (Cheung, et al., 1991), (Priestley, et al., 2002), (ACI 

374.2R-13, 2013) and do not represent the demands imposed by subduction zone 

earthquakes. 

Experimental studies have shown that the displacement capacity and the failure 

mode of structural components is influenced by the loading history applied to them. In this 

section relevant experimental research studies with regard to the loading history effect on 

RC columns are briefly described.  
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 (a) (b) (c) 

Figure 2.1 Conventional loading protocols used on RC column assessment. (a) New Zealand 
Protocol (Cheung, Pauley and Park 1991), (b) Modified New Zealand Protocol (Priestley, Seible and 

Hines 2002), (c) ACI374 unidirectional protocol (ACI 374.2R-13 2013). 

2.2.1 Ohno and Nishioka (1984) 

Ohno and Nishioka conducted an experimental research to investigate the energy 

dissipation capacity of reinforced concrete bridge columns under repeating cyclic loading. 

The experimental program consisted of five RC columns tested under four different loading 

histories. The columns were representative of bridge columns having shear-span ratio about 

4. The results of this study showed that the displacement capacity and the cumulative energy 

dissipation of RC members is clearly affected by the number of loading cycles. However, 

they also concluded that the total energy dissipation capacity of RC columns is not affected 

by the total number of loading cycles. 

2.2.2 Takemura and Kawashima (1997) 

A relevant research study was carried out by Takemura and Kawashima (1997) to 

study the influence that different loading histories has on the ductility capacity of reinforced 

concrete bridge piers. In Takemura’s research six nominally identical specimens were tested 

under different loading protocols resulting in six different responses. They concluded that a 

lower value of drift is achieved when a larger number of loading cycles is utilized. 
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2.2.3 Kunnath, et al. (1997) 

Another relevant research was carried out by Kunnath, et al. (1997) to investigate the 

cumulative seismic damage in circular reinforced concrete bridge columns, which were 

mostly controlled by flexural behavior. With that purpose, twelve columns were tested to 

quarter-scale. Test results led to the conclusion that the load path highly influences the 

failure mode of RC columns. This study found that columns subjected to cycles of low 

amplitude were likely to present a failure in the confinement rather than in the longitudinal 

bars. On the other hand, under cycles of high amplitude the failure mode was controlled by 

rupture in the longitudinal reinforcement. The study also revealed that conventional loading 

protocols commonly used in experimental testing tend to replicate unrealistic drift demands 

because numerous large inelastic reversals are imposed in the component. This is not 

representative of typical earthquakes demands, which usually imposed several inelastic cycles 

of low amplitude and just a few large inelastic cycles. They also demonstrated that the 

number and amplitude of inelastic cycles are very important in order to predict damage. 

2.2.4 McDaniel, et al. (2006) 

Similarly, using the concept of low-cycle fatigue and the cumulative damage model 

employed in the research carried out by Kunnath, experimental tests were performed at the 

Washington State University in order to investigate the performance of pre-1975 concrete 

bridges subjected to subduction earthquakes (McDaniel, et al., 2006). In this research, eight 

circular lightly confined reinforced concrete columns were tested using different 

displacement history to represent the demands imposed by subduction zone ground motions 

of long duration. Loading protocols with cycles of constant amplitude were performed to 

simulate those demands. The columns showed three different modes of failure depending on 
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the load protocol employed. The first mode of failure was an interaction of shear and flexure 

when the applied protocol consisted of large initial inelastic cycles; the second failure mode 

was buckling of the longitudinal reinforcement when the column was subjected to many 

small inelastic cycles. The final mode of failure was slipping of the longitudinal 

reinforcement under a considerable amount of small amplitude inelastic cycles followed by 

large ones. Thus, these results, as well as those obtained by Kunnath (1997), showed that the 

failure mode of RC columns depends on the displacement history applied to them. 

2.2.5 Ranf, et al. (2006) 

Ranf, et al. (2006) tested six nominally identical lightly confined circular RC bridge 

columns under six different loading protocols in order to evaluate the effect of cycling on 

the performance of such columns. The lightly confined columns were representative of 

typical bridge columns constructed before the mid-1970s in the State of Washington. The 

results led to the conclusion that the maximum top displacement preceding failure can 

decrease by 35% when the number of cycles at the same displacement amplitude increased 

from one to fifteen.  

2.2.6 Pujol, et al. (2006) 

Six flexural-dominated reinforced concrete columns were tested under different 

lateral displacement histories and constant axial load with the aim of studying the effect of 

displacement history. In this study special attention was put in columns subjected to 

relatively high nominal shear stresses. The main conclusion of Pujol’s study was that the drift 

capacity and stiffness deterioration were sensitive to displacement history and are functions 

of the amplitude and number of cycles. 
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2.2.7 Borg, et al. (2012) 

In this work, six reinforced concrete columns, three square cross sections and three 

rectangular cross section, were tested using step-wise loading histories having different 

number of cycles at each displacement level. Same axial load ratios was used for both cross 

sections. The results of this study showed that the nonlinear response is influenced by the 

displacement history and the number of cycles.  

2.2.8 Goodnight, et al. (2013) 

In this work, eight nominally identical well-confined circular RC bridge columns 

were tested under various unidirectional loading histories. The displacement histories 

comprised conventional laboratory cyclic loadings as those shown in Figure 2.1 and 

displacement responses from nonlinear time history analysis of crustal and subduction 

ground motions. Test results showed that the buckling of the longitudinal reinforcing steel 

was affected by the applied load history. They also concluded that the three-cycle-set load 

history (Modified New Zeland Protocol) was more severe than the loading history recreated 

from the displacement response caused by ground motions because of the high number of 

inelastic cycles at high displacement amplitudes imposed by conventional protocols. 

2.2.9 Ou, et al. (2013) 

Well-detailed rectangular reinforced concrete bridge columns were tested applying 

two different loading protocols to investigate the influence of the number of cycles on 

bridge columns. Test results showed that columns under a long duration protocol behave 

significantly different in terms of strength and stiffness degradation than those columns 

under conventional protocols showing that on high levels of damage the strength and 
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stiffness degradation of the specimen would increase markedly under long duration 

earthquakes of large magnitude. 

Thus, research studies in conjunction with the occurrence of devastating subduction 

zone mega earthquakes demonstrate that the development of loading protocols reflecting the 

increase in the number of inelastic demands posed by ground motions of large magnitude 

and long duration is needed to improve the assessment of RC bridge columns through 

experimental evaluations. 

2.3 SELECTION OF EARTHQUAKE GROUND MOTIONS 

Regions of the Pacific Northwest Coast of the United States, which lies near the 

Cascadia subduction zone (also referred to as the Juan de Fuca subduction zone), may be 

affected by a megathrust earthquake of long duration similar to those occurred in Chile and 

Japan (Heaton & Hartzell, 1986). Most of the loading protocols used in seismic assessment 

have been developed for a specific structural or nonstructural component by utilizing a set 

of crustal ground motions. These ground motions are often representative of the 10% 

probability of exceedance in 50 years (10/50) hazard level for Los Angeles conditions and 

were selected to avoid near-fault effects, at distances from fault rupture greater than 13 km, 

and from crustal earthquakes of moment magnitudes (Mw) varying between 6.7 and 7.3. 

(Krawinkler, et al., 2000a), (FEMA 461, 2007). 

With the aim of developing representative loading protocols for bridge components, 

a selection of strong motion records was conducted in order to determine the inelastic 

demands imposed by subduction megathrust earthquakes as shown in Table 2.1. The 

subduction zone ground motion sets used in the development of loading protocols were 

chosen from the 1985 Valparaiso (COSMOS), 2007 Sumatra (COSMOS), 2010 Maule (U. 
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Chile), and 2011 Tohoku (K-Net) earthquakes with distances to the epicenter greater than 

100 km to reduce the number of records and ensure far field response. The subduction 

ground motion sets, in spite of being treated as a single set called Subduction, were divided 

into four sub-sets in order to observe the differences in the inelastic demands that could be 

generated by variations in earthquake characteristics or regional geology. Tohoku ground 

motions were further differentiated, referred to herein as Tohoku1 and Tohoku 2, because 

of the large amount of records available on the Kyoshin Network Database (K-Net) and in 

order to have one of the Tohoku sets with similar PGA range to the other ground motion 

sets. Only one pair of ground motions for the 2007 Sumatra earthquake was utilized due to 

the lack of strong motion records available. 

A set of crustal ground motions was utilized to allow for demand comparisons. 

Crustal ground motions, referred to herein as Crustal set, were chosen from the FEMA P695 

far-field record (FEMA P695, 2009), which is based on a representative set of twenty-two 

horizontal ground motions taken from the PEER database (PEER, 2006) with the following 

criteria: from sites located at distance greater than 10 km from the fault rupture, moment 

magnitude greater than 6.5, recorded from soils categorized as Site Class C and D, and 

originated from shallow crustal sources (strike-slip or reverse fault mechanisms). The 

number of strongest records was limited from each earthquake to two and thus avoid bias in 

the results. 

For each ground motion recording two orthogonal horizontal records were treated 

separately, while the vertical ground motion components were not considered. Although, 

there is no general consensus on the definition and determination of the strong ground 

motion duration, in this study the duration was taken as the “Bracketed Duration”, which is 
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defined as the first to the last occurrence of an acceleration of 0.05g (Bolt, 1969). The 

average duration of subduction ground motions was found to be at least twice that of the 

crustal set as summarized in Table 1 and depicted in Figure 2.2  for selected ground motions. 

Furthermore, the bracketed duration for the Tohoku sets is from 7 to 10 times higher than 

the duration for the crustal set. No scaling procedure was employed on the records. In this 

manner, the earthquake source variability was minimized since recent studies have 

demonstrated that scaling input records to a target spectral acceleration level (Sa) can 

produce biased results (Luco & Bazzurro, 2007). 

Table 2.1 Ground motion sets used in this study 

Set Mw 
Site 

 Class 
PGA  

Range (g) 
No.  

Records 
Average  

Duration (sec) 

Crustal 6.5-7.6 C/D 0.21-0.82 37 15 

Valparaíso 7.82 B/D 0.11-0.71 36 39 

Sumatra 7.9 - 0.13 2 48 

Maule 8.8 B/D 0.13-0.93 31 53 

Tohoku 1 9.0 B/C/D 0.94-2.01 27 153 

Tohoku 2 9.0 D/E 0.20-0.81 166 110 

2 Referred to Ms magnitude. Ms: Surface wave magnitude 
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Figure 2.2 Difference in ground motion duration for selected ground motions  

2.4 HYSTERESIS MODEL AND TARGET RESPONSE 

The main objective of a loading protocol is to assess the structural capacity of 

components.  Since demand and capacity are not independent, it is reasonable to think that 

one should know the seismic excitation imposed on the component and its response before 

the development of any protocol. 

In order to predict the damage that a structure undergoes during severe earthquakes, 

it is important to represent in a realistic way the behavior of structural components during 

loading reversals. In the case of reinforced concrete components, the Clough (1966) and 

Takeda (1970) hysteretic models are widely used. However, these models assume that the 

stiffness degradation is related to the maximum displacement of the system and not to the 
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excursions, the peak oriented Ibarra-Medina-Krawinkler hysteretic model (Ibarra, et al., 

2005a) was utilized. This model hereinafter referred to as “Degrading model” includes 

strength capping, residual strength, and strength and stiffness deterioration caused by load 

reversals as illustrated in Figure 2.3. This model was calibrated using test results of bridge 

columns dominated by flexural behavior. Column tests can be found in the Pacific 

Earthquake Engineering Research Center (PEER) structural performance database. This 

process allowed finding appropriate parameters to closely simulate load-deformation 

behavior of the components in study. 

 

Figure 2.3 Hysteretic behavior – Degrading Model. Adapted from Ibarra et al. (2005a) 

Results from nonlinear time-history analyses of single degree of freedom systems 

(SDOF) using OpenSees (2013) were utilized. In OpenSees each SDOF system was modeled 

as a zero length element. The model parameters were calibrated using test results of bridge 

columns dominated by flexural behavior. A strain hardening ratio (αs) of 0.0167 was found 

to fit well the hysteresis model with the experimental results. The capacity boundary 

parameters of the hysteresis model, such as the pre-capping rotation (θp) and the post-

capping rotation (θpc), were defined based on FEMA 440A (2009) and the results of the 

calibration process. The ultimate rotation capacity (θu) was defined to be very large in order 
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to aid the numerical computations. The cyclic deterioration parameter (λ), which is at least 

somewhat dependent on the loading protocol, was defined so that no significant cyclic 

deterioration existed. A default value of 1 was used to represent the rate of strength 

deterioration (c) and cyclic deterioration (D). Parameters for the hysteresis model are shown 

in Table 2.2. A damping ratio of 5% was set for the analysis. A wide range of structural 

fundamental periods were considered from 0.2 to 4.0 seconds by maintaining the mass of 

the system constant and varying the stiffness of the SDOF system.  

Table 2.2 Degrading model parameters 

Parameter Ductility 2 Ductility 4 Ductility 8 

k 2)2/( T

m
k   

2)2/( T

m
k   

2)2/( T

m
k   

αs 0.0167 0.0167 0.0167 

λ 50Fy 100Fy 200Fy 

c 1.0 1.0 1.0 

θp 0.001 (fy / k) 1.44 (fy / k) 4.32 (fy / k) 

θpc 2.5(fy / k) 3.4(fy / k) 3.56 (fy / k) 

θu 100,000 (fy / k) 100,000 (fy / k) 100,000 (fy / k) 

D 1.0 1.0 1.0 

Residual 0.8 0.8 0.8 

Since the majority of modern seismic design codes for bridges (AASHTO, 2009), 

(Caltrans, 2013) rely on component ductilities, a constant ductility inelastic response 

approach (Ridell & Newmark, 1979) , (Krawinkler, 1996) was deemed suitable to perform 

the nonlinear analyses. This approach assumes that for each ground motion and at each 

period, the structural system is designed to reach the pre-determined ductility (μ) by finding 

the yield strength of the structure that produced the desired ductility value. Ductility is 

defined as the ratio of the maximum displacement to the yield displacement (μ = δu/δy), 

where the maximum ductility capacity was calculated when the force in the post-capping 

range degraded to not less than 80 percent of the maximum as illustrated in Figure 2.3. This 
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assumption of 20% of loss in load carrying capacity was deemed suitable in the analysis since 

it has been a common definition used by experimentalists to determine the maximum 

available displacement from laboratory testing (Park, 1989). Consequently, recursive analyses 

were needed to design each system in order to reach pre-determined displacement ductilities 

of 2, 4 and 8. The recursive process is presented through a flowchart in Figure 2.4 and 

illustrated in Figure 5. 

 

Figure 2.4 Flowchart of target ductility design procedure 
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Figure 2.5 Illustration of target ductility design procedure 
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components depends on the previous inelastic excursions alluding to a memory of past 

damaging events. In this approach, the damage is directly affected by the number of inelastic 

excursions (N), the range of each plastic excursion (Δδpi), and the sum of those ranges as 

shown in Eq. (2.1). C and c are structural performance parameters that depend on the type 

of component and failure mode. The parameter c is usually greater than 1.0, which implies 

that large inelastic excursions cause more damage than low ones. This damage index has 

demonstrated good correlations between the quantitative and descriptive damage for steel 

structures (Krawinkler, et al., 1983) and reinforced concrete structures (Kunnath, et al., 

1997). 

 



N

i

c

piCD
1

)(   (2.1) 

Another damage index used in reinforced concrete structures was formulated by 

Park and Ang (1985), which accounts that damage is caused by the maximum deformation 

and the cumulative dissipated energy as shown in Eq. (2.2). 

  dE
Q

D
uyu

pa






max  (2.2) 

Where Dpa is the damage index; δmax is the maximum response deformation; δu is the 

ultimate deformation capacity under static load (monotonic response); Qy is the calculated 

yield strength; dE is the incremental dissipated hysteretic energy; and  𝛽 is a factor that 

depends on several structural parameters that try to measure the duration effect on the 

hysteretic energy. However, in order to calculate the damage indices 𝐷 and 𝐷𝑝𝑎, in a 

meaningful way, the parameters c, C and 𝛽 have to be experimentally obtained and validated, 

which can lead to undesirable uncertainties in the development of the protocol since those 

parameters are directly influenced by the cyclic loading history. For that reason, in this study 
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was employed another damage index also based on cumulative damage referred to as 

Cumulative Displacement Ductility Factor (CDD) (Park, 1989). This metric is calculated by 

accumulating the ratio of plastic displacement under an excursion (δpi) to the yield 

displacement (δy) as shown in Eq. (2.3). 

 



N

i

i

N

i y

pi
CDD

11





 (2.3) 

Caution is needed when assessing the effects of several loading cycles through the 

use of the CDD factor since two cyclic loading protocols can have the same CDD but 

different number of inelastic cycles, which can lead to a significant difference in damage. For 

that reason, the number of damaging cycles (N) in conjunction with the CDD were 

considered the target demand parameters in the development of testing protocols for RC 

bridge columns. In this sense, a cycle is considered damaging when its amplitude is greater 

than the yield displacement.  

2.6 CYCLE COUNTING 

The earthquake response exhibited by a structural component contains excursions 

that are not symmetric, and do not follow a consistent pattern from one ground motion to 

the next. Sequence effects, which are related to the fact that not all the inelastic excursions 

occur before the maximum one, have not been fully established through analytical and 

experimental studies. This is primarily because the sequence of inelastic cycles that a strong 

ground motion imposed on a structure does not follow a regular pattern. In order to 

overcome this effect in the development of loading protocols for structural components, 

researchers have been using the concept of pre-peak excursions (Krawinkler, et al., 2000a), 

(FEMA 461, 2007). Understanding as pre-peak excursion any excursion that occurs before 
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either the maximum or minimum peak displacement. As discussed in Krawinkler, et al. 

(2000a), using all excursions may lead to an overestimation of cumulative damage because 

most of the damage sustained by a structural component occurs when excursions tend to 

widen the hysteresis response. This overestimation on cumulative damage is even more 

relevant in models that take into account stiffness and strength degradation since an 

excursion that occurs after the peak excursion would present significant degradation in 

stiffness and strength; consequently, adding little hysteretic energy dissipation and 

cumulative damage even if its amplitude is large. The development of the loading protocols 

in this study was primarily based on pre-peak excursions. However, given the long duration 

of the subduction records, both pre-peak as well as all excursions were considered for 

comparison purposes in order to analyze the implications of selecting one over the other. 

To rationalize the development of the testing protocol and compare the demands 

imposed by different ground motions, the time history responses based on pre-peak 

excursions were converted into a series of cycles using the simplified rainflow counting 

methodology (ASTM E1049-85, 2005) as illustrated in Figure 2.6. This method of cycle-

counting results in a deformation history composed only of full cycles due to the fact that 

the history response is re-arranged in a way that always starts with either the maximum or 

minimum peak.  

The resultant excursions and cycles obtained after performing the rainflow counting 

are not symmetric with respect to the undeformed condition, also referred to as the mean 

effect, which could distort the cumulative damage of the structure. However, this effect is 

not considered in many practical cases because the effect of large mean deformations 

primarily influences the response in situations of near fault rupture (Krawinkler, et al., 
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2000b). Thus, the proposed displacement protocols were developed with a stepwise 

increasing deformation of symmetric excursions instead of asymmetric excursions.  

 

Figure 2.6 Illustrative procedure for simplified rainflow counting: (a) inelastic response history; (b) 
pre-peak inelastic response history; (c) ordered cycles including mean effect; (d) final ordered cycles 

The rainflow counting procedure was employed in the non-linear time history 

response of individual SDOF systems across the range of fundamental periods. This 

generated a vast amount of data, which was statistically reduced to allow for comparisons in 

a rational way. The data that were extracted and post-processed from the rainflow counting 

procedure was the number of inelastic cycles and the cumulative ductility factor (CDD), 

where the number of inelastic cycles was equal to the number of cycles above ductility one 

(μ =1.0), as shown in Figure 2.6(d), and the CDD was obtained by using Eq. (3). A Matlab 

script was developed to perform the simplified rainflow counting procedure and the 

statistical analyses. 
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2.7 CYCLIC COUNTING RESULTS AND PROTOCOL DEVELOPMENT 

Results from the three pre-determined ductilities and a wide range of structural 

fundamental periods were considered in the development of the protocols in order to 

represent a vast number of bridge structures. Moreover, the results obtained by using 

structures of different fundamental periods was specially considered since conventional 

protocols commonly used to assess the seismic performance of RC structures were 

developed to reflect demands on short period structures (FEMA 461, 2007), which are not 

often representative of bridge responses.  

The number of inelastic cycles and the cumulative displacement ductility factor 

(CDD), which were obtained from performing the rainflow counting procedure, were found 

to be normally distributed. Therefore, in order to represent a reasonable and conservative 

estimate of the parameters, and also to bound the applicability of the resulting protocols, the 

parameters were represented by employing the 84th percentile (mean + 1 standard deviation) 

as a target value. From these results, the number of inelastic cycles and the CDD showed a 

high dependence on the fundamental period, as illustrated in Figure 2.7 and Figure 2.8. The 

figures represent the 84th percentile of each set and clearly trend toward reduced demand 

with increase in period. Furthermore, the 84th percentile of all the subduction records was 

utilized to develop the protocols since the results of each set of subduction ground motions 

showed a similar trend for structures with periods less than 2.0 sec. The demand parameters 

also showed that for structures with periods less than 2.0 sec the demands imposed by 

subduction earthquakes are on average 100% higher than those for crustal earthquakes. For 

periods above 2.0 sec, the results depended on the earthquake set. This effect is most 

evident for the Chilean earthquakes (Valparaiso and Maule sets) where the number of 
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inelastic cycles and the CDD tend to plateau significantly above the crustal sets for 

fundamental periods over 2.0 sec. Meanwhile, the same parameters for the Indonesia and 

Tohoku sets tend to decrease with increasing period, approaching the demands under the 

action of the Crustal set. The results led to the conclusion that cumulative ductility in bridges 

of long fundamental periods (≥ 2.0 sec) imposed by Chilean earthquakes (Maule and 

Valparaiso), are larger than those imposed by Tohoku and Indonesia earthquakes. This effect 

is more predominant for higher target ductilities and when all the excursions are considered.  

The number of inelastic cycles and the CDD decrease as the period of the system 

increases, which implies that the critical demand occurs for structures with low fundamental 

periods. Multi span bridges that rely on columns in addition to abutments are unlikely to 

exhibit such short fundamental periods. For those reasons, three fundamental periods of 0.5, 

1.0 and 2.0 seconds were selected for cyclic load protocol development as a benchmark 

representation of expected bridge fundamental periods, referred to herein as short (0.5s), 

medium (1.0s) and long (2.0s) fundamental periods. The consideration of different natural 

periods reflects the period dependency of the analysis results. Appropriate selection of 

resulting protocols may avoid overestimation of inelastic cycles that the structure undergoes 

or distortion in the assessment of the behavior during physical testing. 

The influence of different target ductilities can also be compared. The increase in 

achieved ductility increases both the number of inelastic cycles (N) and the cumulative 

displacement ductility (CDD). For the benchmark periods averaged over all sets, results have 

shown a nearly linear relation in the CDD for different ductilities as illustrated in Figure 2.9, 

which implies that for structures with other ductilities the cumulative demand may be found 

by linear interpolation of the values for ductilities 2, 4, and 8. On the other hand, the 
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number of inelastic cycles does not show a linear relation as the gradient reduces with 

increased period. This trend implies that linear interpolation between the selected 

benchmark periods would result in conservative estimate of inelastic cycles and could be a 

practical choice for protocol selection between the representative target ductilities used in 

this study. 

Comparison of pre-peak and all excursion demands is summarized in Table 2.3 using 

a relative ratio. For structures of low ductility (μ = 2) pre-peak excursions represent over 

75% of the demands computed considering all excursions. Identical protocols, for both pre-

peak and all excursions, were proposed for low ductile structures since the demands between 

the two approaches were similar. On the other hand, the ratios between pre-peak excursion 

demands and all excursion demands decrease as the ductility of the structure increases, with 

ratios as low as 63% in the case of high ductile structures (μ = 8). Therefore, using all 

excursions in the development of testing protocols may lead to more damage in moderate 

and high ductility structures. 
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 (a)  (b) 

Figure 2.7 Number of inelastic cycles for different component ductilities (μ):                                                              
(a) Pre-Peak excursions; (b) All excursions. 
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 (a)  (b) 

Figure 2.8 Cumulative Displacement Ductility (CDD) for different component ductilities.  
(a) Pre-Peak excursions; (b) All excursions. 
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        (a)                (b) 

Figure 2.9 Demand parameters for different component ductilities.                                                                                
(a) Number of Inelastic Cycles; (b) Cumulative Displacement Ductility (CDD) 

Table 2.3 Comparison of pre-peak and all excursion demands 

Ratio Pre-Peak/All Excursions 

Period 
T 

Target  
Ductility 

Ncycles > δy CDD 

0.5 

2 78% 80% 

4 74% 75% 

8 66% 69% 

1.0 

2 75% 77% 

4 70% 72% 

8 67% 70% 

2.0 

2 83% 85% 

4 71% 74% 

8 63% 65% 

2.8 PROPOSED PROTOCOLS 

The analysis results led to differentiating the testing protocol in terms of ductility and 

period of the structure. In order to closely reflect the subduction zone demands the loading 

protocols were developed using the target values of the parameters summarized in Table 2.4 

for pre-peak excursions. The proposed loading protocols consider two stages. The first stage 

0

10

20

30

40

50

60

70

0 2 4 6 8

N
u

m
b

er
 o

f 
In

el
as

ti
c 

C
y
cl

es
 

Ductility (μ)

0

50

100

150

200

250

300

0 2 4 6 8

C
D

D
 (
Σ
δ

p
i/
δ

y
)

Ductility (μ)

010203040506070

02468

N
u

m
b
er

 o
f 

In
el

as
ti

c 
C

y
cl

es
 

Ductility (μ)

 Short     T = 0.5s

 Medium T = 1.0 s

 Long      T = 2.0 s

 Pre-Peak excursions

 All excursions

010203040506070

02468

N
u

m
b

er
 o

f 
In

el
as

ti
c 

C
y
cl

es
 

Ductility (μ)

 Short     T = 0.5s

 Medium T = 1.0 s

 Long      T = 2.0 s

 Pre-Peak excursions

 All excursions



 

34 

consists of three cycles, in each of the following displacements (or loads), 0.25δi (Vi), 0.5δi 

(Vi), 0.75δi (Vi) and one cycle at 1.0δi (Vi) in order to visualize low damage states (e.g. first 

cracking). Where, δi is the theoretical yield displacement and Vi is the theoretical strength at 

first yield. The second stage of inelastic cycles aims to replicate the demands imposed on 

concrete bridge columns by subduction zone earthquakes of long duration. The proposed 

loading histories, the amplitude of each inelastic cycle and number of cycles at those 

amplitudes are illustrated in Table 2.5 and Figure 2.10. In Figure 2.10 the dotted lines 

represent the first stage and the solid lines the second stage. Additionally, the cycle 

amplitudes of the second stage approximately follow the values obtained using Eq. (2.4) and 

the appropriate coefficients showed in Table 2.6, which were obtained through regression 

using an exponential curve on the statistical results obtained from the simplified rainflow 

counting procedure. For example, in order to obtain the amplitude for the sixth inelastic 

cycle (N=6) for a structural system of ductility 8 and period 0.5s, f(6) that represents the 

amplitude of the sixth inelastic cycle is equal to 1.06 times the yield displacement (δy). The 

maximum number of cycles for each protocol is equal to the respective proposed value 

shown in Table 2.4. For additional comparison, Table 2.6 also shows values considering all 

excursions in case experimentalists decide those would be more appropriate for their 

application. 

 y

dNbN eceaNf  )()(  (2.4) 

The proposed protocols were developed using the concept of pre-peak excursions. 

This approach was used since cycles that occur after the maximum displacement will cause 

less cumulative damage and should be considered separately (Krawinkler, et al., 2000a). For 

that reason, in cases when the specimen does not reach failure under the applied stepwise 
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loading protocol, the test should continue under lower amplitude cycles also referred to as 

trailing cycles. Trailing cycles of amplitude 3δyield for moderate ductile column and 5δyield for 

highly ductile column were chosen. These values are based on member ductility demand 

requirements found in AASHTO Seismic Specifications (2009), which state that the 

maximum individual member displacement ductility demand for Seismic Design Category 

(SDC) C shall be equal to 3 and for SDC D shall be equal to 5 for cases of single-column 

bents. The number of trailing cycles was calculated from the analyses considering all 

excursions instead of only pre-peak. The number of trailing cycles is shown inside 

parentheses in Table 2.5. The notation (+ number of trailing cycles) represents the number 

of trailing cycles that are added following the completion of the entire loading protocol. The 

trailing cycles are at a set amplitude, which is shown in the first column of Table 2.5 and may 

be either 3 or 5 depending on the proposed protocol to be used. Experimentalists can 

modify the testing protocol for structures with different ductility in order to represent the 

target ductility demand appropriate for their desired application, in which case interpolation 

of the demand values presented in Table 2.4 is recommended. 

Since the proposed protocols are based on increments of displacement ductility 

demand, determining the yield displacement of the specimen is essential and mirrors other 

cyclic protocols. A first estimate of the yield displacement may be found by performing a 

moment-curvature analysis of the column section based on measured material properties. In 

order to determine the yield displacement (δy) to be used in experimental tests, researchers 

have employed two approaches. The first one consists of performing a monotonic pushover 

test before cyclic loading tests. This approach is used for three main reasons. Firstly, the 

yield displacement for future cyclic tests can be established based on the monotonic test. 
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Secondly, it reflects that the structural response under seismic excitations usually shows an 

increase of deformations in only one direction, phenomenon denominated “ratcheting” of 

the response, which implies that cyclic deterioration under load reversals would diminish in 

the inelastic range close to the system collapse (Lignos & Krawinkler, 2012). Finally, a 

monotonic test would provide the value of target ductility in cases when more refined cyclic 

loading protocols want to be performed. 

Table 2.4 Target and proposed demands 

Period 
T 
 

Max 
μ 

Ncycles > δy CDD 

Pre-Peak All Pre-Peak 
All 

 

Target 
Value 

Proposed 
Protocol 

Target 
Value 

Proposed 
Target 
Value 

Proposed 
Protocol 

Target 
Value 

Proposed 

0.5 

2 7 9 9 9 19 24 24 24 

4 23 23 31 31 76 76 101 103 

8 40 40 61 61 176 177 254 253 

1.0 

2 6 9 8 9 17 24 22 24 

4 16 16 23 23 56 77 78 77 

8 29 29 43 43 133 132 189 188 

2.0 

2 5 6 6 6 14 17 17 17 

4 12 12 17 17 44 43 59 59 

8 20 20 32 32 98 97 151 151 

 

The second approach consists of determining the yield displacement during the 

progression of the cyclic test. Load control cycles are first employed based on percentages of 

the theoretical component strength (Vi), usually 0.25Vi, 0.5Vi, 0.75Vi, and Vi. The theoretical 

strength is determined dividing the first yield moment, obtained from a moment-curvature 

analysis, by the column cantilever length. Then the experimental yield displacement (δy) is 

established by using the ratio of the theoretical force at which the concrete cover reaches a 

strain of 0.004 to the experimental elastic stiffness (Ke), which is calculated as the ratio of the 
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theoretical first yield force (Vi) to the displacement measured experimentally (δy’) (Priestley, 

et al., 2002). 

Table 2.5 Proposed loading protocols utilizing Pre-peak approach 

Cycle 
Amplitude 

x δyield 

Number of Inelastic Cycles (trailing cycles shown in parentheses) 

Ductility (μ = 2) Ductility (μ = 4) Ductility (μ = 8) 

0.5s 1.0s 2.0s 0.5s 1.0s 2.0s 0.5s 1.0s 2.0s 

1.0 1 1 1 3 2 2 3 3 2 

1.1 2 2 1 3 2 1 3 3 2 

1.2 2 2 1 3 2 1 3 3 1 

1.3 1 1 - 2 1 1 3 2 1 

1.4 - - 1 2 1 1 3 1 1 

1.5 1 1 - 1 1 1 3 1 1 

1.6 - - - 1 1 - 3 1 1 

1.7 1 1 1 1 1 1 2 1 1 

1.8 - - - 1 - - 2 1 1 

1.9 - - - 1 1 - 2 1 1 

2.0 1 1 1 1 1 1 1 1 1 

2.1    - - - - 1 - 

2.2    1 - 1 1 1 1 

2.4    - - - 1 1 - 

2.6    1 1 - 1 1 1 

2.8    - - - 1 1 - 

3.0    (+5) 1(+4) 1(+3) 1 1 1 

3.2    1 - - 1 - - 

3.5    - - - 1 1 1 

4.0    1 1 1 1 1 - 

4.5       1 - 1 

5.0       (+8) 1(+6) (+5) 

5.5       1 - - 

6.0       - 1 1 

6.5       1 - - 

8.0       1 1 1 
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 (a) (b) (c) 

Figure 2.10 Proposed loading protocols for component ductilities (µ) =2, 4 and 8.                                                      
(a) T = 0.5 sec, (b) T = 1.0 sec, (c) T = 2.0 sec. (Pre-peak excursions) 

2.9 COMPARISON TO CONVENTIONAL PROTOCOLS 

Three conventional protocols, which are commonly used to assess the capacity of 

reinforced concrete bridge columns, were selected in order to allow comparisons with the 

proposed protocols. The selected protocols (Figure 2.1) were the New Zealand protocol 

(Park, 1989), (Cheung, et al., 1991), the Modified N.Z. Protocol (Priestley, et al., 2002), and 

the ACI374 protocol (ACI 374.2R-13, 2013). An illustrative comparison of the three 
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conventional cyclic protocols with the proposed protocol for a target ductility capacity of 8 

and period 0.5 sec, is depicted in Figure 2.11.  

Table 2.6 Exponential coefficients to obtain cycle amplitudes. 

Coeff. 

μ = 2 μ = 4 μ = 8 

T 
0.5s 

T 
1.0s 

T 
2.0s 

T 
0.5s 

T 
1.0s 

T 
2.0s 

T 
0.5s 

T 
1.0s 

T 
2.0s 

Pre-Peak Excursions 

a 0.9934 0.9934 0.5215 0.9653 0.9557 0.9638 0.8695 0.9014 0.9869 

b 0.0221 0.0221 -0.3778 0.0281 0.0439 0.0543 0.0336 0.0415 0.0444 

c 0.0137 0.0137 0.5674 1.15E-4 8.91E-4 2.72E-3 1.913E-7 2.83E-5 1.09E-3 

d 0.4511 0.4511 0.2066 0.4284 0.4853 0.5570 0.4252 0.417 0.4282 

All Excursions 

a 

Same as Pre-Peak 
Excursions 

0.9505 0.9335 0.936 0.8356 0.8659 0.8931 

b 0.0245 0.0357 0.0485 0.0224 0.0314 0.0433 

c 1.18E-5 3.14E-5 5.57E-5 1.84E-8 3.45E-7 3.4E-6 

d 0.3875 0.478 0.613 0.3167 0.3816 0.4398 

 

 

Figure 2.11 Comparison of protocols for ductility 8 and period 0.5 sec. 
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For reference, a potential protocol considering all the excursions was also included. 

Since the different protocols culminate in the same ductility demand. This ordering of 

protocols more readily demonstrates the increased number of inelastic cycles for the 

proposed protocol at the lower amplitude and decreased number of inelastic cycles at the 

higher amplitudes. 

Computed demand parameters for the three conventional protocols and the 

proposed are also compared in Table 2.7. The Modified N.Z. protocol is observed to be 

more demanding in terms of CDD than the proposed testing protocols for structures of low 

ductility capacity in the range of periods selected, and for structures of high ductility capacity 

with medium and long fundamental periods. The fact that the Modified N.Z. protocol is 

more demanding than the proposed protocols for structures with medium and long 

fundamental periods was not necessarily surprising since conventional protocols have been 

developed to reflect the demands in short period structures (T = 0.2-0.3 sec) and because 

their arrangement of cycles tends to overestimate the number of large inelastic cycles 

imposed by seismic excitations (FEMA 461, 2007), (ACI 374.2R-13, 2013). This 

overestimation is evident in that over 55% of the cumulative demand (CDD) using the 

conventional protocols came from cycles of large amplitude, as compared to 16% in the case 

of the proposed protocols for short period structures with high ductility capacity, and 44% 

in the case of long period structures with low ductility capacity. A visual comparison is 

shown in Figure 2.12 for the cumulative displacement ductility demand among the proposed 

protocols for period 0.5 sec, the conventional protocols and the results from selected ground 

motions shown in Figure 2.2. Proposed protocols closely resemble the cumulative 

displacement ductility demand and the number of inelastic cycles obtained by using the 
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subduction ground motions, which in Figure 2.12 are referred to Maule-Curico and Tohoku-

Fukushima. This correlation verifies the appropriate selection of the discrete amplitudes for 

the proposed protocols. In the same way, the result from the crustal ground motion 

resembles the conventional protocols. A period of 0.5 sec was selected as the closest period 

to make comparisons with the conventional protocols since those protocols were developed 

for structures of period equal to 0.2 seconds (ACI 374.2R-13, 2013). Longer periods may not 

be representative and could lead to incompatible comparisons. Despite the differences in 

short period definition, the proposed protocols considering the subduction megathrust 

earthquakes generally exhibit higher cumulative ductility demands than the conventional 

protocols when compared at the corresponding last cycle. This difference in demand could 

be even greater had the proposed protocol considered even shorter period than 0.5sec 

structural response. An exception occurs for a ductility demand of 2, where the Modified 

N.Z. protocol shows slightly greater CDD than the proposed protocol. The final CDD of 

the proposed protocols has a similar value than the Modified N.Z. However, results in 

Figure 2.12 show that in order to achieve similar CDD, the proposed protocols present a 

greater number of inelastic cycles than the Modified N.Z. protocol, which in consequence 

can affect the displacement capacity of the RC bridge column to be tested.  

Moreover, Figure 2.13 depicts the cumulative distribution function (CDF) of the 

number of inelastic cycles at increments of displacement ductility of the proposed protocols, 

the loading protocols commonly used on RC columns, and the results from the statistical 

analyses. This figure shows that the conventional protocols used for the assessment of RC 

columns contain far fewer inelastic cycles at low displacement ductilities than the proposed 

protocol, and overestimate the number of large inelastic cycles at large ductilities. Despite 
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the overestimation of large inelastic cycles in the conventional protocols, the proposed 

protocols for structures of moderate and high ductility capacity exhibit higher demands than 

the conventional protocols due to a substantial increase in the number of small inelastic 

cycles. This difference is due to the fact that the proposed protocols try to reflect the 

demands imposed by subduction earthquake excitations, which generally contain many small 

inelastic cycles and only a few large inelastic cycles. 

Table 2.7 Comparison of conventional protocols and proposed protocols 

Demand Parameter 
N.Z. 

Protocol 
ACI 374 
Protocol 

Modified 
N.Z. 

Protocol 

Proposed Protocols 

T=0.5 s T=1.0 s T=2.0s 

Ductility (μ) = 2 

No. Inelastic Cycles 3 4 9 9 9 6 

CDD 10 12 27 24 24 17 

(μ ≥ 1.5) / CDD1 80% 67% 78% 43% 43% 44% 

Ductility (μ) = 4 

No. Inelastic Cycles 5 8 15 23 16 12 

CDD 26 40 69 76 56 43 

(μ ≥ 3) / CDD 62% 70% 61% 19% 25% 33% 

Ductility (μ) = 8 

No. Inelastic Cycles 9 16 21 40 29 20 

CDD 82 144 153 177 132 97 

(μ ≥ 6) / CDD 68% 58% 55% 16% 21% 29% 

1 Percentage of cumulative displacement ductility due to large inelastic cycles 
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Figure 2.12 Comparison of cumulative ductility demands for period of 0.5 sec. 

 

  

Figure 2.13 Comparison of cumulative distribution for structures of period 0.5 sec and different 
component ductilities. 

0

5

10

15

20

25

30

1 2 3 4 5 6 7 8 9 10

C
D

D
 (
Σ
δ

p
i/
δ

y
)

Number of  Inelastic Cycles

 = 2, T = 0.5 sec

0

20

40

60

80

100

120

1 3 5 7 9 11 13 15 17 19 21 23 25 27 29

C
D

D
 (
Σ
δ

p
i/
δ

y
)

Number of  Inelastic Cycles

 = 4, T = 0.5 sec

0

20

40

60

80

100

120

140

160

180

200

1 6 11 16 21 26 31 36 41 46

C
D

D
 (
Σ
δ

p
i/
δ

y
)

Number of  Inelastic Cycles

 = 8, T = 0.5 Crustal, Loma Prieta

Maule, Curico

Tohoku, Fukushima

Proposed Protocol

Modified N.Z. Protocol

ACI374 Protocol

N. Z. Protocol

0

0.2

0.4

0.6

0.8

1

1.0 1.2 1.4 1.6 1.8 2.0

C
D

F

Displacement Ductility

0

0.2

0.4

0.6

0.8

1

1 2 3 4

C
D

F

Displacement Ductility

0

0.2

0.4

0.6

0.8

1

1 2 3 4 5 6 7 8

C
D

F

Displacement Ductility

051015202530

123456789

Analysis Result

Proposed Protocol

Modified N.Z. Protocol

ACI374 Protocol

N. Z. Protocol



 

44 

2.10 NUMERICAL CASE STUDY 

As discussed in previous sections, the cumulative inelastic demands imposed by 

subduction zone earthquakes can increase as compared to crustal earthquake demands. This 

aspect is particularly relevant in the State of Oregon and the Northwest coast of North 

America due to their proximity to the Cascadia subduction zone. The Cascadia subduction 

zone is the over 1000km long boundary between the Juan de Fuca and North American 

plates. Geological evidence has shown that 13 significant earthquakes have occurred in the 

past 3000 years (Goldfinger, et al., 2008).The most notable of which, the M9.0 earthquake of 

1700, produced a tsunami large enough to reach Japan (Atwater, et al., 2005). Historical 

evidence combined with comparisons of the Cascadia fault to other subduction zones has 

led geologists to conclude that a megathrust earthquake in the Cascadia subduction zone is 

impending (Heaton & Kanamori, 1984). Given such seismic hazard, the assessment of 

deficient RC bridge substructures has become crucial in order to prioritize the bridges that 

need to be retrofitted and to maintain the highway network operable after a major seismic 

event. 

The case study presented in this section aims to assess the behavior of pre-1970 

bridge columns located in the State of Oregon, USA. Such columns are commonly deficient 

in flexural ductility and shear strength as bridges were designed primarily for gravity loads 

without much consideration to lateral forces from seismic loading. As a result, columns lack 

sufficient transverse reinforcement to provide satisfactory performance in a major seismic 

event. Typically, No. 3 or No. 4 hoops at 12 inches on center were provided in columns 

regardless of the column cross-sectional dimensions. The stirrups were anchored by 90o 

hooks with short extensions and intermediate ties were seldom used. Minimal restraint 
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provided by the hoops can cause the longitudinal reinforcement to buckle once the concrete 

cover spalls. Furthermore, bridges built prior to 1970 have undesirable lap splices at the base 

of RC column. This lap splice detail can potentially be a cause for reduced column ductility 

and can result in rapid loss of flexural strength. 

Numerical studies were performed considering a representative pre-1970 RC column 

from a multi-column bridge bent subjected to a conventional protocol and one of the 

proposed subduction protocols. The Modified New Zealand protocol (Figure 2.1) was used 

as the conventional protocol and the proposed protocol for structures of ductility 8 and 

fundamental period of 0.5 sec was used as the subduction protocol. Protocols with that 

target ductility were used because the ductility obtained from moment-curvature analysis of 

the column in study was close to 8. The cross-sectional dimensions and reinforcement of the 

representative column are depicted in Figure 2.14. 

 

Figure 2.14 Cross section of a typical square RC column in Oregon, USA. 

In order to model the inelastic behavior of the RC column a concentrated plasticity 

approach was utilized. The plastic hinge was modeled using the hysteretic model developed 

by Ibarra et al. (2005a), as was illustrated in Figure 2.3, and the software OpenSees (2013). 

Model parameters for column hinges, such as moment capacity and rotation capacity, were 

obtained from empirical equations based on a vast amount of column tests (Haselton, et al., 

2008) (Biskinis & Fardis, 2009). The column properties used in the numerical model are 

shown in Table 2.8. 
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Table 2.8 Column properties 

f’c 

(ksi) 
f’ce 

(ksi) 
fy 

(ksi) 
fye 

(ksi) 

Cantilever 
Length 

(ft) 

Width 
(in) 

Depth 
(in) 

Axial 
Load 
(kips) 

Axial 
Load 

Ratio 1 
(%) 

ρT 
(%) 

ρL 

(%) 

Lap 
Splice 
Length 

(db) 

3.3 4.29 60 68 9.25 24 24 160 8.4 0.094 0.88 28 

1 Axial load ratio = P/(Ag f’c) 

Where,  

f’c: specified compressive strength of concrete at 28 days. 

f’ce: expected compressive strength of concrete. f’ce = 1.3(f’c) 

fy: specified yield stress of steel. 

fye: expected yield stress of steel. fye ≈ 1.1fy 

ρT: transverse ratio of steel. 

ρL: Longitudinal ratio of steel.  

db: diameter of longitudinal steel reinforcement. 

The hysteretic energy dissipation capacity plays a fundamental role in the assessment 

of bridge columns subjected to subduction zone ground motion. Haselton et al. (2008) has 

proposed equations to calculate this capacity (λ), which according his equation depends on 

the amount of transverse reinforcement, shear capacity and axial load ratio. Another 

equation also proposed by Haselton is included in the PEER/ATC 72-1 (2010) report, in 

which the value of λ only depends on the axial load ratio. The PEER/ATC report stated that 

for a typical column with seismic detailing, typical values of the parameter λ are on the order 

of 10 to 20. On the other hand, in the study carry out by Haselton (2008) values from 2 to 5 

were employed for highly deteriorated components. This means that a lower λ indicates that 

the element has a high rate of strength and stiffness deterioration and therefore less capacity 
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to dissipate energy. Since pre-1970 columns were built without seismic detailing the behavior 

of these columns is expected to be represented by λ values near 2. 

The model parameters using equations proposed by Haselton (2008), Biskinis (2009), 

and moment-curvature analysis are summarized in Table 2.9. The moment –curvature 

analysis was based on conventional reinforced concrete flexure theory following AASHTO 

Specifications (2009). It is worth mentioning that all the analyses utilized the expected 

material properties, where f’ce = 1.3f’c and fye ≈ 1.1fy. 

Table 2.9 Model parameters  

Reference 
My 

(kip-ft) 
Mc/
My 

EIeff

/EIc 
Mr/
My 

θy 
(rad) 

θp 
(rad) 

θpc 
(rad) 

θu 
(rad) 

λ 

Theory 
(AASHTO, 2009) 

401 1.07 0.29 0.8 0.006 0.043 - 0.049 - 

Haselton 
(2008) 

401 1.13 0.20 - 0.009 0.019 0.033 0.062 42 

Biskinis 
(2009) 

401 - 0.19 - 0.010 0.022 - 0.032 - 

PEER/ATC 72-1 
(2010) 

401 1.13 0.20 0.0 0.009 0.019 0.033 0.062 24 

This study 401 1.13 0.20 0.2 0.009 0.019 0.033 0.062 
42 
24 
2 

 

A shortcoming of the equations proposed by Haselton (2008) and Biskinis & Fardis 

(2009) is that they do not include the effect of number of cycles on the column rotation 

capacity. Moreover, Haselton’s equations do not account for the effect of lap-spliced rebars 

in expected plastic hinge locations. Despite this fact, Haselton’s and Biskinis’s equation lead 

to similar plastic rotation capacity (θp). 

Figure 2.15 shows the results using the model parameters summarized in Table 2.9. 

These plots show the effect of the conventional protocol and the subduction protocol for 

structures of ductility 8. Comparing the results from the two protocols it can be observed 
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that for structures with high values of λ, i.e. low rate of strength and stiffness deterioration, 

the behavior of the column under both protocols is similar in terms of rotation capacity, 

which is considered as the rotation when a reduction in moment capacity of 20% has 

occurred. On the other hand, if a high rate of deterioration (low λ) is considered the column 

under the subduction protocol shows less rotation capacity and less strength as compared to 

the column under the conventional protocol. The reduction in strength was approximately 

5% when λ was equal to 2. This implies that faster the rate of deterioration, more significant 

the expected effect of number of inelastic cycles on column behavior. 

A high rate of deterioration is expected on pre-1970 columns due to the fact that 

they were built with insufficient transverse reinforcement and lap splices in plastic hinge 

regions. Therefore, the behavior of these columns would be highly influenced by subduction 

mega earthquakes. This result is consistent with experimental and numerical studies, e.g. 

Ibarra & Krawinkler (2005), Ou et al. (2013), Chandramohan, et al. (2013). In those studies 

were concluded that structural components’ capacity and collapse are influenced by the 

duration of ground motion and the number of inelastic cycles.  
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     (a)         (b) 

Figure 2.15 Effect of loading protocol and model parameters on column response.  
(a) Conventional protocol. (b) Subduction protocol 
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2.11 EFFECT OF LOADING PROTOCOL BASED ON EXPERIMENTAL RESULTS 

In order to further investigate the effect of different loading histories on pre-1970 

RC bridge columns, experimental tests were conducted by Mehary and Dusicka (2015) on 

full-scale square cross-section reinforced concrete bridge columns in the iSTAR Laboratory 

at Portland State University. The results of those tests are further analyzed in this section. 

The experimental program carried out by Mehary and Dusicka (2015) consisted of 

three specimens intended to represent full-scale models of a typical RC bridge column found 

in multi-column bents constructed in the 1950s to mid-1970s and one retrofitted specimen 

using carbon fiber polymers (CFRP) wrapping. In this study the retrofitted column was not 

considered since the testing variables to be analyzed are the effect of different cyclic loading 

protocols and axial load applied at the top of the columns. The Modified N.Z. loading 

history (Figure 2.1b) referred as to Conventional protocol for its wide use in experimental 

assessment of RC structures, and the proposed protocol for structures of ductility 8 and 

fundamental period of 0.5 sec (Figure 2.10a) referred to as Subduction protocol were used.  

The columns in the experimental program were given an identification that denoted 

the loading protocol (S = Subduction, C = Conventional) and axial load utilized (7% - 17%). 

The identifications for the three columns in the experimental program were C-7, S-7 and S-

17. The specimens were nominally identical since they were constructed using the same 

material properties, cross-sectional dimensions and reinforcement ratios (Table 2.8). The 

longitudinal reinforcement consisted of four #10 bars on each corner with #3 stirrups 

spaced at 12 inches center to center as shown in Figure 2.14. Lap splices were located at the 

base of the test specimens through the incorporation of 4 dowels. The lap splice length was 

36 inches, which corresponds to 28 times the diameter of the longitudinal steel 
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reinforcement (28db). Although pre-1970 RC columns were typically constructed using 

Grade 40 deformed bars, all reinforcing steel used to construct the test specimens consisted 

of Grade 60 deformed bar conforming to the American Society for Testing and Materials 

(ASTM) designation A615. The use of Grade 60 steel was caused by current rebar size 

limitation and availability of Grade 40 in the US. Measured reinforcing steel strengths were 

70.3 ksi and 100.9 ksi for the yield and tensile strength, respectively. Normal weight concrete 

was used to construct the test specimens with a target 28-day strength of 3500 psi. The 

concrete cover was 2 inches. The average of standard compression testing of 6-inch by 12-

inch concrete cylinder the day of testing are shown in Table 2.10. 

Table 2.10 Measured concrete properties for square RC columns 

Specimen  
Compressive Strength (f’c)  

ksi 

C-7 4.41 

S-7 4.17 

S-17 4.64 

 

Axial load on the column was applied in an effort to simulate the dead loads from 

the superstructure. The applied axial loads were approximately 7 and 17 percent of the 

nominal axial strength (Agf’c). Actual axial load ratios based on measured properties were 

5.9%, 6.2% and 13.1% for column C-7, S-7 and S-17, respectively.  

2.11.1 Test Results 

Results of the experimental program are briefly described hereafter. Details can be 

found in Mehary and Dusicka (2015). 
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2.11.1.1 Column C-7 

The hysteretic behavior of this specimen showed a moderate-ductile behavior by 

reaching a displacement ductility of 6.2 and 6.7 in the positive and negative direction, 

respectively. Column C-7 showed a hysteretic response typical of flexural behavior with 

slightly pinching behavior. As expected in the elastic range, minor strength degradation 

between cycles at the same displacement amplitude can be observed before the occurrence 

of the yield displacement. Cycles at the same amplitude after yielding showed notorious 

strength and stiffness degradation. The specimen exhibited a significant decrease in lateral 

strength after the peak lateral load because of noticeable crushing of concrete at the base of 

the column. Failure of the specimen was assumed when the applied lateral load dropped 

below 80% of the peak load. Displacements of 6 inches and -6.5 in were computed as the 

failure displacements in the positive and negative direction, respectively. 

 

Figure 2.16 Load vs. displacement curve of column C-7 
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2.11.1.2 Column S-7 

The proposed protocol for structures of ductility 8 and fundamental period of 0.5 

sec, as shown in Figure 2.10(a), was utilized to test Column S-7. Vertical cracks consistent 

with lap splice failure started showing at an early stage. The primary mode of failure was lap 

splice failure followed by crushing of concrete at the base of the column and buckling of 

dowels. The buckling of the dowels was observed once the cover of the concrete at the base 

of the column was completely crushed. 

The lateral load vs. displacement hysteresis curve for the column S-7 is illustrated in 

Figure 2.17. 

 

Figure 2.17 Load vs. displacement curve of column S-7 
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Minimum strength degradation was noticed up to the peak load. The specimen exhibited a 

significant decrease in lateral strength after both peak lateral loads because of a vertical crack 

that was attributed to lap splice failure. Failure of the specimen was assumed when the 

applied lateral load dropped below 80% of the peak load. Displacements of 4.3 inches and -

5.9 in were computed as the failure displacements in the positive and negative direction, 

respectively. 

2.11.1.3 Column S-17 

Column S-17 was also tested using the subduction protocol developed for structures 

with a fundamental period close to 0.5 sec and ductility 8 shown in Figure 2.10(a). However, 

in this case the axial load was increased from 150 kips to 350 kips (17% of the nominal axial 

column strength) in an effort to investigate the effect of different axial loads acting on RC 

bridge columns.  

Similar to specimens C-7 and S-7, horizontal cracks were observed at the column 

base. As the test progressed horizontal cracks were increasing in width and propagated up to 

mid-height of the column. Diagonal cracks attributed to shear behavior were also visible in 

this specimen. The emergence of diagonal cracking was a consequence of increasing the 

flexural capacity through an increase in the axial load applied to this specimen, which caused 

an evident flexion-shear interaction. At the last stage of testing the vertical crack in the lap 

splice region was evident and caused the failure of the specimen. 

The lateral load vs. displacement hysteresis curve for the column S-17 is illustrated in 

Figure 2.18. The hysteretic behavior of this specimen showed a less-ductile behavior by 

reaching displacement ductilities of 4.0 and 3.5 in the positive and negative direction, 

respectively. Column S-17 showed an initial hysteretic response typical of flexural behavior. 
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However, the failure mechanism was by lap-splice failure. Failure displacements of 4.8 inches 

and -4.4 in were computed when the applied lateral load dropped below 80% of the peak 

load in the positive and negative direction, respectively. 

 

Figure 2.18 Load vs. displacement curve of column S-17 
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Priestley (1992). In this simple model for calculating displacements, the displacement at yield 

(Δy) can be calculated using Eq. (2.5). Where, ϕy is the yield curvature of the section and H is 

the effective height of the specimen. In this study, the idealized yield curvature, following 

Caltrans (2013) and AASHTO (2009) recommendations, was utilized to compute the yield 

displacement due to flexural behavior. 

 
3

2Hy

y





 (2.5) 

After yielding, the plastic displacement at the effective height is calculated using Eq. 

(2.6). Where, Lp is the plastic hinge length and ϕi is the corresponding curvature. 

    
ppyip LHL 5.0   (2.6) 

The length of the plastic hinge is calculated using Eq. (2.7). Where, fye-me is the 

measured yield stress of the longitudinal reinforcing steel, and db is the diameter of the 

longitudinal rebar. This resulted in a plastic hinge length equal to 26.8 inches. 

 ),(3.015.008.0 inksidfdfHL bmeybmeyp    (2.7) 

The comparison between experimental and analytical envelope curves is shown in 

Figure 2.19. The comparison shows that the strength for all columns was over-estimated by 

the analytical results. This effect was significant for column S-7 since the overestimation at 

the peak strength was 31%. This overestimation is most likely caused by the assumption in 

the initial model that the full tensile capacity could be transferred in the lap splice region. 

However, it is well-known that the longitudinal reinforcement should not be spliced in 

plastic hinge regions in order to avoid under-development of the full tensile capacity of 

longitudinal rebars. Priestley et al. (1996) proposed Eq. (2.8) to estimate the total force 
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transferred (Tb) through a lap splice without considering any aid from the transverse 

reinforcement.  

 stsbb plffAT   (2.8) 

Where, Ab is the area of the longitudinal rebar, fs is the stress of the rebar, ft is the 

concrete tension stress, p is the concrete perimeter associated with each bar, and ls is the 

length of the splice. Priestley recommended using a conservative value of 𝑓𝑡 = 4√𝑓𝑐′ based 

on experimental results, and a perimeter (p) equal to: 

 )(22)(2
2

bb dccd
s

p   (2.9) 

Where, s is the average spacing between spliced bars along the critical column face 

and c is the concrete cover. In this particular case, the spliced pairs of bars are widely spaced. 

Therefore, the upper limit is applicable. As a result, the total force that can be developed in 

the splice is presented in Table 2.11 for each column and is compared to the required force 

to develop yielding and tensile force in the longitudinal rebars. The comparison shows that 

the maximum force that can be developed in the splice region is close to the force to 

develop yielding of the longitudinal rebar. Moreover, these results also showed that the 

section will not be able to develop its full flexural strength. This is consistent with the results 

showed in Figure 2.19, where the maximum base shear recorded in the experiments was less 

than the analytical force calculated using moment-curvature analysis.  

Table 2.11 Maximum bar force transferred in the splice region 

Specimen  
Maximum Bar Force 

(kip) 
Yielding Force 

(kip) 
Tensile Force 

(kip) 

C-7 88.4 89.2 127.5 

S-7 86.0 89.2 127.5 

S-17 90.7 89.2 127.5 
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 (a) (b) 

 
(c) 

Figure 2.19 Experimental vs analytical envelope curves.  
(a) column C-7, (b) column S-7, (c) column S-17 

The aforementioned moment-curvature analysis considered the flexural behavior of 

the specimens. However, the deformations of a RC component are a combination of 

flexural, shear and bond slip deformations as shown in Figure 2.20. For that reason, the 

analytical yield displacement originally calculated using moment-curvature analysis was 

improved including the shear and bond slip contribution to the total displacement.  

Shear deformations were estimated using Eq. (2.10), assuming isotropic and 

homogenous material with constant shear modulus. 
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effeff

v
GA

VH
  (2.10) 

Where, Aeff is the effective shear cross-sectional area (5/6 of the gross area for 

rectangular sections), Geff is the effective shear modulus, and V is the shear force. In this 

study, an effective shear modulus (Geff) equal to 0.2Ec was considered following the 

recommendation of Elwood and Eberhard (2009). 

The deformation at the top of the column that results from slip of the tensile 

longitudinal reinforcement was calculated using Eq. (2.11) (Elwood & Eberhard, 2009). 

Where, u is a uniform bond stress that typically ranges from 6√𝑓𝑐′  to 12√𝑓𝑐′ psi (Sozen, et 

al., 1992), (Lehman & Moehle, 2000), (Sezen, 2002), fy-me is the measured yield stress of 

longitudinal reinforcing steel, H is the effective height of the specimen, db is the diameter of 

the longitudinal rebar and ϕy is the yield curvature. 

 
u

fHd ymeyb

slip
8


  (2.11) 

 

Figure 2.20 Deformation components for RC columns 
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Table 2.12 shows a comparison between the yield displacement calculated analytically 

and experimentally. In this comparison, the uniform bond stress (u) was taken as 12√𝑓𝑐′ psi 

following the recommendation of Lehman and Moehle (2000) and Sezen and Setzler (2008). 

The ratio of calculated to measured yield displacement shows a larger discrepancy for 

column S-17. The lower ratio for column S-17 may be caused by an under-estimation of the 

shear and bond slip contribution. 

Table 2.12 Analytical vs experimental yield displacement (Δy) 

Specimen  
Analytical 

Flexural (in) 
Analytical 
Total (in) 

Experimental  
(in) 

Ratio 
Analytical/Experimental 

C-7 0.78 1.09 0.97 1.12 

S-7 0.78 1.09 0.99 1.10 

S-17 0.81 1.12 1.24 0.90 

 

2.11.2.2 Backbone curves  

The column S-7 tested under the subduction loading protocol showed less strength 

and deformation capacity as compared to column C-7 tested under the conventional loading 

protocol as shown in Figure 2.21. Column S-17 showed more strength capacity than 

columns C-7 and S-7 because of the increased axial load. In terms of displacements, column 

S-17 showed similar displacement capacity than column S-7 but considerably less than 

column C-7. The fact that columns S-7 and S-17 had had less deformation capacity was 

attributed to the increasing number of low amplitude inelastic cycles that these columns 

underwent when using the subduction protocol. This increase in the number of small 

displacement inelastic cycles may be the cause of early emergence of vertical cracks that 

culminated in lap splice failures in columns S-7 and S-17. This result has direct implications 

in the design of retrofit measures for existing RC bridge columns since one would expect 
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less capacity for columns subjected to subduction zone earthquakes and is in agreement with 

the numerical case study presented in the previous section and previous studies (Takemura 

& Kawashima, 1997) , (Kunnath, et al., 1997), (FEMA P440A, 2009), (Ou, et al., 2013). 

Moreover, the result implies that the common assessment of existing bridges by doing 

pushover analysis might overestimate the actual strength and deformation capacity of RC 

bridge substructures if the increased strength and stiffness degradation are not taken into 

consideration. 

Despite the seismic detailing deficiencies of the specimens, the results showed that 

the columns had moderate ductility. The moderate-ductile performance is likely a result of 

low axial column loads (0.07-0.17 f’c Ag) and a relatively long lap splice (28 db). Even though, 

this moderate ductility was unexpected, similar results were obtained by ElGawady et al. 

(2010) for typical deficient columns built prior 1970 in the State of Washington. 

 

Figure 2.21 Backbone curves of square RC bridge columns 
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2.11.2.3 Stiffness degradation 

The stiffness degradation is an important property in RC bridges subjected to seismic 

events since it changes the effective natural period of the structure. Stiffness degradation can 

be attributed to concrete nonlinear behavior caused by flexural and shear cracking, slippage 

of steel reinforcement, etc. In this study, the normalized stiffness, represented as the secant 

stiffness (ksec) divided by the yield stiffness (ky), at different displacement ductilities, was 

utilized as the stiffness degradation parameter. In terms of stiffness degradation, the test 

specimens showed similar stiffness degradation up to displacement ductility 2.5, and there 

was no significant effect of the loading protocol applied on the stiffness degradation up to 

that ductility as depicted in Figure 2.22. However, for ductilities above 2.5, the columns S-7 

and S-17 showed a higher stiffness degradation than column C-7, which is concordant with 

the increasing number of inelastic cycles imposed by the subduction zone protocol and the 

lap splice failure observed during the tests. Moreover, the results show that columns 

subjected to increased axial load have higher rate of strength deterioration. 

Gulkan and Sozen (1974) proposed a relation between the displacement ductility (µ) 

and the secant stiffness (ksec) for RC columns. The test results are in agreement with the 

predictions obtained using Eq. (2.12) up to ductility 3.5. After that point, the stiffness 

degradation of column C-7 matches the degradation rate calculated using the equation up to 

ductility 5.6. For ductilities above 5.6 the equation underestimates the rate of stiffness 

degradation for substandard columns. 

 1
1sec 
yk

k
 (2.12) 
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Figure 2.22 Stiffness degradation of square RC bridge columns 

2.11.2.4 Energy Dissipation 

The property of dissipating energy through hysteretic behavior is desirable in 

structures subjected to major seismic events. In this study the amount of energy that was 

dissipated by the specimens was calculated as the area (Ad) enclosed by a full cycle as shown 

in Figure 2.23. The cumulative energy dissipated by the specimens on each cycle is shown in 

Figure 2.24. The results showed that the total cumulative energy dissipated is not affected by 

an increase in axial load and is not significantly affected by the number of loading cycles. 

 

Figure 2.23 Illustration of energy dissipated through hysteretic behavior 
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Figure 2.24 Cumulative energy dissipated by square RC bridge columns 

2.11.3 Improved Numerical Modeling Based on Experimental Results 

Two main numerical methods have been extensively used to characterize the 

behavior of RC columns, lumped-plasticity and distributed-plasticity (Taucer, et al., 1991), 

(Scott & Fenves, 2006), (Berry & Eberhard, 2008). In the lumped-plasticity method, all the 

nonlinear behavior is concentrated in a plastic hinge where the overall force-deformation 

response of the component is defined. In the distributed-plasticity method the nonlinear 

behavior is distributed along the length of the member through the use of discrete fiber 

sections and integration points. The RC bridge columns presented in this paper were 

modeled using these two methodologies with the aim of providing modeling parameters 

applicable for each method, and assess the effect of the loading protocol on those 

parameters and on the overall column behavior. OpenSees (2013) was utilized to carry out 

the numerical modeling for its vast library of available materials and elements to characterize 

the nonlinear response of structural components. 
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Both model strategies are depicted in Figure 2.25. Four nodes were used to represent 

the column test setup. The bottom node represents the interface between the RC column 

and the footing. This node was constrained in all directions in order to represent a fixed 

support. The adjacent node was used in order to include the inelastic spring in the case of 

the lumped-plasticity model and the bond-slip contribution in the case of the distributed-

plasticity model. The axial load, P, and the lateral load, F, were applied at the very top node 

at a height of 113 in in order to mimic the actual test setup, where the axial and the lateral 

load were directly applied to the steel beam located on top of the columns. Further, the 

transfer steel beam was represented in the model through the use of an elastic element of 

length 13 in. The very top node was selected as the control node to record the lateral 

displacement of the column. 

 

Figure 2.25 Numerical models. 

Node

Integration Point

RC Column Lumped-Plasticity Distributed-Plasticity

E
lastic B

eam
/C

o
lu

m
n
 E

lem
en

t (E
Ieff )

Elastic

Bond-Slip

Zero-Length

Section

Inelastic
Spring

F
o
rce-B

ased
 B

eam
/C

o
lu

m
n
 E

lem
en

t

   E
ffectiv

e S
h
ear (G

eff  =
 0

.2
E

c )

P

Elastic 13"

100"

0

F

P

F

P

F



 

66 

2.11.3.1 Lumped-Plasticity model description 

The cyclic behavior of the lumped-plasticity model is controlled by the hysteretic 

behavior of the inelastic spring at the base of the column. This spring has the role of 

concentrating all the inelastic behavior due to flexure, shear and bond slip deformations as 

shown in Figure 2.20. In this study, the rotational spring was modeled using a zero length 

element and a uniaxial material given by the modified Ibarra-Medina-Krawinkler 

deterioration model with pinched hysteretic response (Ibarra, et al., 2005a), (OpenSees, 

2013) as illustrated in Figure 2.26.This uniaxial material is capable of capturing strength and 

stiffness degradation in a more empirical manner. In addition to that, the model can capture 

the inherent pinching behavior of bond slip failures, which is typical on RC columns with 

poor detailing and lap splices in expected plastic hinge zones. The characteristic of being 

able to represent strength and stiffness degradation has made this uniaxial material one of 

the most used hysteretic models in the study of global collapse of RC structures (Haselton, 

et al., 2008), (PEER/ATC-72-1, 2010). 

The initial behavior of the model is controlled by the parameters selected for the 

inelastic spring such as the elastic stiffness, K0, and the effective yield strength, My. The 

pinching behavior is controlled by the ratio of force at which reloading begins, Fpr, and the 

ratio of reloading stiffness, Apinch. The stiffness and strength deterioration of the model is 

controlled by 8 parameters, λs, λc, λA, λK, cs, cc, cA, cK, where λ is a cyclic deterioration parameter 

and c is the rate of deterioration, the subscripts S, C, A, and K stand for strength 

deterioration, post-capping strength deterioration, reloading stiffness deterioration and 

unloading stiffness deterioration. Inelastic deformation capacity is controlled by the plastic 

rotation capacity, θp, the post-capping rotation capacity, θpc, the residual strength ratio, Res, 
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and the ultimate rotation capacity, θu. These parameters were selected with the aim of 

approximating the experimental results and are presented in Table 2.13. It is worth 

mentioning that a relatively large ultimate rotation capacity (θu = 0.5 rad) was used in order to 

facilitate convergence. Further, the parameter c that represents the rate of deterioration was 

set equal to 1 for all columns. 

 

Figure 2.26 Degrading model with pinched hysteretic response 

Table 2.13 Parameters for the lumped-plasticity model 

Column 
K0 

kip-ft/rad 
My 

kip-ft 
αs Fpr Apinch λs λc λK θp θpc Res 

C-7 75,711 392 0.04 0.7 0.1 2 2 1 0.05 0.15 0.6 

S-7 60,480 367 0.06 0.6 0.1 2 1.5 1 
0.03 (+) 
0.045 (-) 

0.10 
0.8 (+) 
0.6 (-) 

S-17 75,984 545 0.09 0.6 0.1 2 1.5 1 0.03 0.15 
0.6 (+) 
0.8 (-) 
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(a) 

 
(b) 

 
(c) 

Figure 2.27 Experimental vs numerical results – Lumped-Plasticity model.  
(a) column C-7; (b) column S-7, (c) column S-17 
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Comparisons between the experimental and the numerical results using the lumped-

plasticity approach are shown in Figure 2.27. Numerical results using the lumped-plasticity 

model are in agreement with the experimental results and captured reasonably well the in-

cycle and cyclic strength and stiffness deterioration of the specimens. Understanding the in-

cycle deterioration as the degradation in a cycle, and the cyclic deterioration as the 

degradation in strength and stiffness that occurs in subsequent cycles (FEMA P440A, 2009). 

However, the model presents deficiencies capturing the unloading stiffness of the 

specimens. 

2.11.3.2 Distributed-Plasticity model description 

In the distributed-plasticity model, discrete fiber sections were used throughout the 

length of the column. A force-based beam-column element with six integration points was 

used to represent the column. The number of integration points was selected following the 

recommendation of Berry and Eberhard (2008). The Gauss-Lobatto integration rule was 

selected as the plastic hinge integration method. This integration rule includes additional 

integration points at the element ends. 

The column section was divided into three main fiber sections representing the core 

(confined) concrete, cover (unconfined) concrete and the reinforcing steel. The cover and 

core concrete were discretized into 24 and 20 strips in both directions, respectively. The 

Concrete02 with linear tension softening uniaxial material was used in this study to model 

both confined and unconfined concrete. In order to obtain the confined concrete 

parameters, the model proposed by Mander et al. (1988) was used. The longitudinal 

reinforcing steel was modeled using the uniaxial Hysteretic material. This material was 

selected because it can capture pinching of force and deformation, which is of vital 
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importance to characterize bond slip failure in RC columns with lap splices. The parameters 

pinchx and pinchy were set equal to 1.0 in order to represent the observed pinching 

behavior of the columns. The hysteretic material is also capable of representing damage due 

to ductility and energy, and degraded unloading stiffness that can be caused by concrete 

crushing, splitting cracks, bar buckling and bar fracture. The damage parameter damage1, 

which is related to the damage due to ductility was set equal to 0.006 to account for the 

cyclic deterioration from one cycle to the following cycle observed in the specimens. The 

parameter damage2, which takes into account the damage due to energy, was set equal to 

0.002 in an effort to capture the strength deterioration observed in the columns at a fixed 

displacement or strain amplitude. The degraded unloading stiffness parameter (beta) was set 

equal to 0.3 for all columns. 

The stress-strain values for the reinforcing steel used in the numerical models 

represent the measured values from the experimental study and were obtained from tensile 

testing of a coupon. It is worth mentioning that the yield stress, fy, and ultimate stress, fu, for 

column S-7 were reduced by 12% from fy = 70.3 ksi and fu = 101 ksi to fy = 67 ksi and fu = 95 

ksi in order to represent that this column did not reach its maximum flexural strength 

capacity. This lower flexural capacity was caused by the lap splice located at the base of the 

column, which inhibited the full development of the force transferred through the lap splice 

(Priestley, et al., 1996). This aspect is in accordance with the observation of early formation 

of vertical splitting cracks during the test that denotes the development of a bond slip failure 

mechanism. The effective bar stress (fs) to be used in the model can be computed using Eq. 

(2.13) (Priestley, et al., 1996). 
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Where, Ab is the area of the longitudinal rebar, ft is the concrete tension stress, p is 

the concrete perimeter associated to the failure surface of each bar, and ls is the length of the 

splice. Priestley recommended using a conservative value of 𝑓𝑡 = 4√𝑓𝑐′ psi based on 

experimental results, and a perimeter (p) equal to 2√2(𝑐 + 𝑑𝑏) for widely spaced lap-spliced 

bars, where c is the concrete cover and db is the diameter of the longitudinal rebar. 

Column deformations typically result from flexural, bond slip and shear behavior as 

shown in Figure 2.20. The flexural behavior was modeled with the force-based 

beam/column element as previously described. In order to add the shear behavior, a section 

aggregator was utilized. Shear deformations were idealized as an isotropic material with 

constant shear modulus. In this study, an effective shear modulus, Geff, equal to 0.2Ec was 

used following the recommendation of Elwood and Eberhard (2009). In order to model the 

additional flexibility that is introduced from the slip of the longitudinal reinforcement at the 

anchorage, the bond slip model proposed by Ghannoum (2007) was used. In this bond slip 

model, the slip behavior is modeled using a zero-length fiber section with the same 

discretization strategy used for the nonlinear beam/column element. However, in the zero-

length section an equivalent stress-slip displacement relationship for the steel and concrete 

fibers is used instead of the stress-strain relationships as shown in Figure 2.28 for the steel 

fibers and Figure 2.29 for the concrete fibers. In the steel fibers the slip displacement at yield 

(sy) was calculated from the measurements of the LVDTs located at the base of the columns 

and then compared to the results obtained from Eq. (2.14) (Sezen, 2002). 
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Where, εy is the strain at yielding, db is the diameter of the longitudinal bar, and u is an 

average uniform bond stress. Different values of uniform bond stress can be found in the 

literature. Typically u varies in the range from 6√𝑓𝑐′  to 12√𝑓𝑐′ psi (0.5√𝑓𝑐′ to 1.0√𝑓𝑐′ MPa), 

(Sozen, et al., 1992), (Lehman & Moehle, 2000), (Sezen, 2002). In this study, a uniform bond 

stress value of 6√𝑓𝑐′ psi was found to fit well with the experimental results and is 

recommended in the case of columns with lap splices. Slip displacement at yield, sy, of 0.07 

in, 0.067 in, and 0.085 in were used in the distributed-plasticity model for columns S-7, C-7 

and S-17, respectively. The Steel02, Giuffre-Mengotto-Pinto model was employed to 

represent the steel fiber in the bond slip zero-length section because its ease of 

implementation and convergence. The confined and unconfined concrete strains were also 

modified in the bond slip fiber section in order to avoid discontinuities in the steel stresses 

and neutral axis location between the fibers of the nonlinear beam/column element and the 

bond slip section (Ghannoum, 2007). This modification was accomplished by multiplying 

the concrete strains by a scale factor, SFconc = sy/ εy. This scale factor is dimensionally 

incorrect but allows an increase in the concrete strains to maintain compatibility between the 

fiber sections. Scale factors of 28, 34, and 35 were used for C-7, S-7 and S-17 respectively. 

Figure 2.28 and Figure 2.29 show the constitutive relationship for the steel and concrete 

fibers, respectively. 
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Figure 2.28 Constitutive relation for steel fibers 

 

Figure 2.29 Constitutive relation for concrete fibers 

Comparisons between the experimental and the numerical results using the 

distributed-plasticity approach are shown in Figure 2.30. The distributed-plasticity model 

shows a well agreement with the experimental results and captured reasonably well the in-

cycle and cyclic deterioration of the specimens.  
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(a) 

 
(b) 

 
(c) 

Figure 2.30 Experimental vs numerical results – Distributed-Plasticity model.  
(a) column C-7; (b) column S-7, (c) column S-17 
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2.11.3.3 Model validation and discussion 

Comparisons between the experimental and the numerical results using the lumped-

plasticity and distributed-plasticity approaches are shown in Figure 2.27 and Figure 2.30, 

respectively. Both of the numerical models were able to characterize the behavior of the 

tested columns. Values of initial stiffness, strength and deformation capacities, pinching 

effect, and strength and stiffness degradation were closely represented by the models as 

shown in Figure 2.27 and Figure 2.30. 

Figure 2.31 depicts the total dissipated energy in the experiments compared to the 

one calculated for the numerical models. The total energy dissipated was calculated adding 

the enclosed area of each cycle in the load vs displacement response as shown in Figure 2.23. 

Both numerical models tend to overestimate the total energy dissipated by the specimens. 

The results show that despite of using a degrading model with pinched hysteretic response 

the lumped-plasticity model overestimates the total dissipated energy more than the 

distributed-plasticity model. This is evident in the case of column S-17 that was tested with a 

higher axial load. In that case the overestimation was 72% with respect to the experimental 

value. This overestimation is primarily caused by the hysteretic rule limitation on properly 

characterizing the unloading stiffness. On the other hand, the distributed-plasticity model 

presents less overestimation in the total dissipated energy as compared to the experimental 

results with a maximum error of 23%. 

These results led to the conclusion that the distributed-plasticity strategy more 

closely represents the experimental results. This improved accuracy comes with a cost, which 

manifest in convergence issues caused by the sensitivity of the damaging parameters within 

the hysteretic material utilized to represent the reinforcing steel. Convergence can be greatly 
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improved if the lumped-plasticity model is used since the inherent integration method used 

in distributed approaches is avoided. The distributed-plasticity model strategy may be used in 

cases of biaxial loads without major modifications, making it suitable for three dimensional 

modeling cases. On the other hand, if biaxial loads are considered the lumped-plasticity 

model would need the definition of another inelastic spring in a different axes in order to 

effectively capture the biaxial behavior of the RC column. 

 

Figure 2.31 Energy dissipation comparison 

Hysteretic cyclic deterioration plays a fundamental role in the assessment of bridge 

columns subjected to ground motions. In the case of the lumped plasticity, Haselton et al. 

(2008) proposed equations to predict the cyclic deterioration parameter (λ). ). According to 

Haselton’s study the cyclic deterioration parameter varies with the amount of transverse 

reinforcement, shear capacity and axial load ratio. Using Haselton’s equation for the 

specimens tested leads to λ values that ranges from 30 to 40. Another equation also 

proposed by Haselton is included in the PEER/ATC 72-1 (2010) report, in which the value 

of λ only depends on the axial load ratio. The PEER/ATC report stated that for a typical 
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column with seismic detailing, typical values of the parameter λ are on the order of 10 to 20. 

Lower λ values indicate that the element has a higher rate of strength and stiffness 

deterioration and therefore less capacity to dissipate energy. In this study, a λ value of 2 was 

calibrated based on the experimental results and is recommended for characterizing the 

behavior of columns built prior to 1970. Moreover, plastic rotation capacities (θp) for 

columns with low axial load and minimum confinement have been computed in previous 

studies (Haselton, Liel, Taylor, & Deierlein, 2008), (PEER/ATC-72-1, 2010) to be close to 

0.031, which agrees with the values indicated in Table 2.13. Also a slightly different pinching 

parameter (Fpr) was used in the case of C-7 to represent the less pinched behavior of that 

column compared to the ones tested using the subduction protocol. 

In the case of the distributed-plasticity model values of 0.006 and 0.002 were 

proposed to account for the deterioration due to ductility (damage1) and energy (damage2), 

respectively. The damage1 parameter reflects the higher cyclic deterioration from one cycle 

to the next caused by an increase on the number of small inelastic cycles. On the other hand, 

the damage2 parameter reflects the increased stiffness and strength deterioration at a fixed 

cycle amplitude observed during the tests. 

2.12 SUMMARY  

The assessment of bridge columns through representative cyclic protocols could play 

a significant role in the future establishment of limit states and acceptance criteria to be 

applied in performance-based seismic design of bridge columns in areas subjected to 

subduction earthquake hazard. A range of protocols was developed with the aim of 

capturing more closely the inelastic demands of subduction megathrust earthquakes and, 

consequently, improving the seismic assessment of bridge columns through physical testing. 
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The loading protocols were developed using the results from non-linear time history analyses 

considering numerous subduction ground motions imposed on structures with a wide range 

of structural periods and pre-determined ductilities (Dusicka & Knoles, 2012) and further 

analyzed using a simplified rainflow counting procedure (ASTM E1049-85, 2005). 

Throughout the analyses and development, a methodology similar to the one utilized for the 

development of a testing protocol for wood frame structures (Krawinkler, et al., 2000a) was 

utilized. Since strength and deformation capacities of structural components depend on the 

cumulative damage that the system undergoes under load reversals imposed by seismic 

excitations, a direct relationship between the number of inelastic cycles and damage is 

recognized (Krawinkler, et al., 1983), (Stephens & Yao, 1987). Various models have been 

developed to quantify this relationship (Cosenza, et al., 1993), (Ghobarah, et al., 1999). Two 

well-known relationships describing the cumulative damage are the normalized cumulative 

ductility and the Coffin-Manson law for low-cycle fatigue in conjunction with the Miner’s 

rule of linear damage accumulation. Both models show a direct relationship between 

structural damage and the number and amplitude of damaging cycles. Thus, the number of 

inelastic cycles and a cumulative damage demand were selected as the main parameters to 

develop the protocols. Observations based on these parameters showed that for structural 

periods below 2.0s, the subduction mega earthquakes produced significantly greater number 

of inelastic cycles as well as cumulative plastic displacements than crustal earthquakes. 

Statistical assessment of the demand parameters were used to develop quasi-static loading 

protocols. Due to the dependence of the results on structural ductility and natural period of 

vibration, different loading protocols were proposed for three column ductilities (2, 4 and 8) 

and for three different periods representing short, medium and long fundamental periods. 
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The proposed loading protocols include a larger number of small amplitude inelastic 

cycles as compared to conventional protocols, revealing that conventional loading protocols 

commonly used in experimental testing tend to impose unrepresentative drift demands for 

subduction megathrust earthquakes through imposing numerous large inelastic reversals on 

the component. Despite the higher number of large inelastic cycles, the overall normalized 

cumulative plastic displacement demands were similar when compared to the proposed 

protocols. 

A representative pre-1970 lightly reinforced and lap-spliced bridge column was 

numerically and experimentally studied to observe the effect of the proposed protocol on 

the behavior of seismically deficient reinforced concrete bridge columns. Observations based 

on numerical and experimental results of applying cyclic loading protocols on pre-1970 RC 

bridge columns can be summarized as follows: 

 The numerical case study showed the importance of modeling the rate of strength 

and stiffness deterioration in RC bridges. This is of paramount importance in regions 

susceptible to be struck by subduction zone mega earthquakes since the faster the 

rate of deterioration the more significant the expected effect of number of inelastic 

cycles on column behavior. 

 The experimental results of this study indicated that square columns present in 

bridges built before 1970 in the Pacific Northwest have unexpected deformation 

capacity. This moderately ductile performance was predominantly observed in 

columns with low axial load level (0.07 f’c Ag) and low longitudinal steel 

reinforcement ratio (ρ = 1.2%).  
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 The experimental study also demonstrated that subduction loading protocols may 

reduce the displacement ductility capacity of reinforced concrete columns and 

change their failure mode. The primary mode of failure for the columns tested under 

subduction loading protocol was by lap splice failure. On the contrary, column C-7, 

which was tested using a conventional cyclic loading protocol, failed showing 

crushing of concrete as a primary mode of failure. 

 Despite the fact that the conventional protocol contains a higher number of large 

inelastic excursion, results showed that the use of the subduction protocol can highly 

influence the response of deteriorating components. Therefore, the assessment of 

bridge columns through representative testing load protocols would play a key role in 

the future establishment of limit states and acceptance criteria to be applied in 

performance-based seismic design of bridge columns. 

 Both lumped and distributed-plasticity numerical models were able to reasonably 

reproduce the initial stiffness, and strength as well as the stiffness degradation of the 

specimens. This demonstrates the potential of these models to be used in the 

numerical assessment of reinforced concrete. Severe degradation parameters were 

needed to appropriately capture the damage on substandard columns. Since pre-1970 

columns were built without seismic detailing, the behavior of these columns is 

expected to be represented by λ values near 2 in the lumped-plasticity model. In the 

distributed-plasticity model, values of 0.006 and 0.002 for the damage1 and damage2, 

respectively, were suggested. These higher damage parameters should be 

incorporated in areas where subduction earthquakes are expected. 
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3 CHAPTER 3 

STATE-OF-THE-ART ON RETROFIT MEASURES FOR RC MULTI-COLUMN 

BRIDGE BENTS 

3.1 GENERAL 

Reinforced concrete bridge substructures constructed before 1970 are commonly 

deficient in flexural ductility and shear strength as those bridges were designed primarily for 

gravity loads with little or no design consideration to seismic resistance. RC bridge bents lack 

sufficient steel reinforcement to provide satisfactory performance in a major seismic event. 

Typically, No. 3 or No. 4 hoops at 12 inches on center were provided in columns regardless 

of the column cross-sectional dimensions. The stirrups were anchored by 90o hooks with 

short extensions and intermediate ties were seldom used. RC bridges built prior to 1970 also 

have inadequate lap splices in potential plastic hinge zones since dowels were usually 

extended between 20 to 40 longitudinal bar diameters (db) from the foundations. This detail 

may cause a considerable reduction on column ductility and a rapid loss of flexural and axial 

strength. Furthermore, the foundations constructed at that time were not design with a 

capacity design in mind. As a result, foundations are highly susceptible to brittle flexural and 

shear failures since they do not contain neither top longitudinal reinforcement nor transverse 

reinforcement.  

All these details contribute to bridge’ deficiency and make these structures highly vulnerable 

to a major seismic event. This vulnerability of pre-1970 bridges was especially evident in the 

1971 San Fernando, 1989 Loma Prieta earthquake, and the 1994 Northridge earthquake as 
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shown in Figure 3.1, Figure 3.2 and Figure 3.3, respectively. Further, the recent occurrence 

of subduction zone mega earthquakes in Chile and Japan has demonstrated how vulnerable 

RC bridges are when subjected to major seismic events as shown in Figure 3.4. 

 

Figure 3.1 Poorly Confined Column in 1971 San Fernando Earthquake  

 

Figure 3.2 Collapsed Cypress street viaduct in Oakland during the 1989 Loma Prieta Earthquake 
(USGS & Wilshire, 1989) 
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Figure 3.3 Damage in RC columns on the Simi Valley Freeway during the 1994 Northridge 
Earthquake (Teng, 1994) 

 

Figure 3.4 Damage in Nakasone viaduct during 2011 Japan earthquake (Kawashima, et al., 2011) 

The ability of structures to achieve adequate deformation capacity plays a significant 

role in the prevention of structural failures in seismic events. The main goal of any seismic 

retrofit measure is to minimize structural collapse, while meeting certain performance 

requirements. Nowadays, the number of available retrofit measures has increased markedly 

as a result of extensive analytical and experimental studies. For example, the deformation 

capacity of existing bridges can be enhanced by modifying certain substructure elements. 

Bridge columns can be retrofitted using various techniques including reinforced concrete 
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jacketing, steel jacketing, active confinement by prestressing wire, and composite 

fiber/epoxy jacketing, etc. Techniques to retrofit other bridge members have also been 

developed (FHWA, 2006), (Wright, et al., 2011) for bent caps and footings. In this chapter 

conventional and emerging retrofit measures capable of improving the seismic resistance of 

deficient RC bridges are presented and discussed.  

3.2 RETROFIT MEASURES FOR RC COLUMNS 

Previous research studies have shown that the main factors causing RC bridge 

column failures are their insufficient flexural and shear capacity added to a lack of concrete 

confinement and lap splice at expected plastic hinge regions at the base of the columns. 

(Chai, et al., 1991), (Dyngeland, 1998). In order to overcome these deficiencies many 

retrofitting systems have been developed and experimentally validated. Most of the retrofit 

measures for RC columns aim to improve the column ductility, shear strength and provide 

confinement by “Jacketing” the column through the use of various materials. These methods 

have now been implemented on a large number of deficient bridges throughout seismic 

regions and have helped preventing bridge failures in major seismic events. (Kawashima, et 

al., 2011), (Hoshikuma & Guangfeng, 2013).  

3.2.1 Concrete Jacketing (Concrete Overlays) 

Concrete jacketing was the first method to be employed as a jacketing retrofit 

measure in practice since 1980. Its application was mainly for RC buildings in Japan as 

reported by Hayashi et al (1980) and Sugano (1981). The concrete jacketing retrofit measure 

consists of encasing the existing reinforced concrete column with a jacket of concrete 

reinforced with longitudinal steel and drilled and grouted dowels or welded wire fabric. Its 
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application follows the same principles as any concrete design. Concrete jackets have been 

primarily used for retrofitting existing RC columns in buildings. Its use in bridges has been 

limited mainly because its labor intensive and more efficient retrofit measures has been 

implemented for those structures. An example of concrete jacketing applied to bridge 

columns is shown in Figure 3.5. 

Multiple experimental investigations and field applications have shown that concrete 

jackets significantly improve the strength and stiffness of as-built columns (Hayashi, et al., 

1980), (Teran & Ruiz, 1992), (Rodriguez & Park, 1994), (Bracci, et al., 1995) . However, an 

increase in column flexural strength results in increased shear capacity, and consequently in 

an increased force transfer to cap beams and footings (FHWA, 2006). Therefore, special 

attention needs to be placed in those components since undesirable effects can be generated 

on the overall bridge performance. 

   
        (a)       (b) 

Figure 3.5 Concrete Jacketing. (a) Concrete overlay (FHWA, 2006), (b) Concrete jacketing of a 
column in Illinois (Poplar Street Complex) 

3.2.2 Steel Jacketing 

Steel jacketing was originally developed as a retrofit measure for circular columns in 

the early 90s and since then it has been largely utilized for the retrofitting of deficient 

columns in California (Caltrans, 1996) and lately throughout the United States.  
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Previous research studies (Chai, et al., 1991) have shown that steel jacketing is an 

effective retrofit technique for seismically-deficient concrete columns. Based on satisfactory 

laboratory results, steel jackets have been employed to retrofit both circular and rectangular 

columns as shown in Figure 3.6. For circular columns, the recommended procedure is to 

cover the entire column or portion of it with two steel plate half-shells slightly oversized for 

easy installation leaving two vertical seams that are welded in a later stage. The gap between 

the column and the jacket is filled with grout to provide the required confinement action. An 

additional gap is required when the full height of the column is steel jacketed in order to 

minimize flexural strength enhancement, which may cause an undesirable increase in the 

forces developed in adjacent members. With rectangular columns, the recommended 

procedure is to use an elliptical shape jacket, which provides continuous confining action 

similar to that for a circular column. For both cases, the steel jacket acts as a passive 

confinement, i.e. the steel jacket only provides confinement once the concrete column starts 

expanding under compressive stresses that induces circumferential stresses in the steel shell. 

Detailed design guidelines for steel jacketing are found in the Seismic Retrofitting Manual 

for Highway Structures (FHWA, 2006) and in Chai et al. (1992). Steel jackets are effective in 

enhancing the confinement of the column, thus increasing the compression strength and 

strain. Additionally, these jackets can improve column ductility by eliminating the brittle 

shear and bond mode of failure attributed to a lack of shear reinforcement and lap splices at 

the base of columns, respectively. The failure mode is consequently shifted to a flexural 

mode. An undesirable effect of column jacketing is that its application may increase column 

stiffness. Studies have suggested that this increase could be approximately 10–15% for the 

case of partial height jackets (Chai, et al., 1991) and 20–40% for the case of full height 



 

87 

jackets (Priestley, et al., 1996). This increase in column stiffness may attract higher forces in 

the bridge and result in increased forces into bent caps and footings. 

               
   (a)      (b) 

Figure 3.6 Steel Jacketing for: (a) circular bridge columns in Seattle (photo: Lucia Bill), (b) rectangular 
bridge column in San Francisco. Left: retrofitted column. Right: As-built column (photo, Leonard 

G.) 

3.2.3 Composite Jacketing 

Retrofit measures using composite materials has considerable grown since the past 

decade. The preferred composite material for retrofit application is Fiber Reinforced 

Polymers (FRPs), which consists of high strength glass, carbon, or aramid fibers bound in an 

epoxy resin matrix. Recent developments in the manufacturing of fiber reinforced polymer 

(FRP) composite materials have made these materials available for a wide range of 

applications, including seismic retrofit of reinforced concrete columns. Compared to steel 

and concrete jacketing, FRP wrapping has several advantages, including very low weight-to-

strength ratios, high elastic moduli, resistance to corrosion, and ease of application. FRP can 

improve column ductility without considerable stiffness amplification while maintaining the 

bridge dynamic properties (Haroun & Elsanadedy, 2005). As mentioned before, carbon fiber 

reinforced polymer (CFRP), glass fiber reinforced polymer (GFRP) and aramid fiber 

reinforced polymer (AFRP) are the most commonly used FRP composite materials. CFRP 
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has a higher modulus of elasticity and has the highest tensile strength. The Washington State 

Department of Transportation recommends using CFRP to retrofit bridges because it is less 

affected by moisture than GFRP (WSDOT, 2006). 

Several analytical and experimental studies involving retrofitting of columns using 

FRPs can be found in the literature. To name some, Seible, et al (1995) describes the jacket 

design aspects, jacket installation, full-scale field tests and behavior performance of carbon 

jacket retrofits. Xiao, et al (1999) reported on testing of three large-scale bridge column tests, 

in which two were retrofitted using a prefabricated composite wrapping system. The results 

of both studies showed that composite jacketing was a viable retrofit measure for shear 

enhancement and ductility improvement. Finally, Teng, et al. (2001) provides an excellent 

overview of the use of advanced composites in the seismic retrofit of concrete structures 

and its use in Civil Engineering. 

    

Figure 3.7 Installation of composite jacketing on a seismically deficient RC column 
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Figure 3.8 Results of an experimental study using CFRP wrapping on a seismically deficient RC 
column (Mehary, et al., 2014) 

Retrofitting of bridge columns using FRP materials can be effectively used for 

circular columns since circular jackets provide a continuous confinement pressure. On the 

contrary, for rectangular columns the FRP jacket provides less confinement pressure since 

the confinement effectiveness is concentrated in the corners. However, recent studies at 

Portland State University (Mehary, et al., 2014) showed that substandard square reinforced 

concrete columns can be effectively retrofitted using CFRP. The objective of that study was 

to mitigate the damage effect that an increasing number of inelastic cycles imposed by 

subduction zone mega earthquakes has in RC bridge columns. The CFRP composite 

material called Tyfo®SCH-41 was used for retrofitting the square RC column. Three layers 

of this composite material was utilized to wrap the base of the column up to 36 inches high 

in an effort to improve the confinement of the column and prevent lap splice failure at the 

plastic hinge region as shown in Figure 3.7. The column corners were chamfered prior the 

installation of the FRP wrap in order to avoid stress concentrations and improve the effect 

of the FRP confinement. The results of the experimental study demonstrated that the CFRP 

retrofit measure considerably enhanced the displacement ductility of the column without 
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significantly increasing column stiffness and strength as depicted in Figure 3.8. This result is 

relevant in the evaluation of other bridge components since an increase in column strength 

would result in an increase in force transfer to cap beams and footings. The retrofit also 

helped inhibiting bond failures in lap splices. 

3.2.4 External Prestressing Steel 

Different that the retrofitting systems presented before, which rely in passive 

confinement, the external prestressing steel acts by providing external confining forces into 

the column. In this retrofit measure, external prestressing steel wires under tension are 

wrapped around a column to achieve confinement as shown in Figure 3.9. This retrofit 

method has successfully increased the flexural ductility of circular columns with lap splices at 

the critical section, but its effect on shear strength has not yet been quantified (FHWA, 

2006). An advantage of this practice is that it does not affect the flexural strength and 

stiffness of the columns. However, the high cost of designing a machine that is big enough 

to produce the required tension to wrap prestressing wire around the columns makes it 

uneconomical. 

Saatcioglu & Yalcin (2003) applied external prestressing to columns using individual 

hoops that consist of prestressing strands and specially designed anchors. They tested the 

columns under constant axial compression and incrementally increasing lateral deformation 

reversals. Their results showed that this retrofit methodology can mitigate shear failure, 

increase flexural capacity and inelastic column deformability. 

Recent development in material sciences has increased the spectrum of materials that 

can be used for retrofitting RC columns. For example, shape memory alloys (SMA) have 
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been recently studied to be applied as an active confinement retrofit technique for RC bridge 

columns (Andrawes, et al., 2010). 

 

Figure 3.9 External prestressing steel retrofitting of columns in Illinois. 

3.3 RETROFIT MEASURES FOR RC CAP BEAMS 

Cap beams of multi-column RC bridge bents provide the load path from the 

superstructure to the columns. Cap beams are subjected to shear and flexure when the 

bridge is seismically excited in the transverse direction. Therefore, cap beams of bents 

constructed prior 1970 can also result considerably damaged after a major seismic event 

because of substandard seismic detailing such as premature termination of negative moment 

and low positive reinforcing steel ratios at the interface with the column face. These details 

can lead to early formation of plastic hinges in cap beams at the column face and rapid 

deterioration of beam-column joints. In order to overcome this deficiencies, similar retrofit 

techniques used in columns can be applied to cap beams. Concrete jacketing, steel jacketing, 

FRP wrapping and external prestressing retrofit techniques have been used to retrofit cap 

beams in seismically active regions as shown in Figure 3.10.  
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(a) 

     
 (b)      (c) 

Figure 3.10 Retrofit measures for cap beams and beam-column joints. (a) FRP wrapping (Pantelides 
& Gergely, 2008). (b) Prestressing rods. (c) Steel jackets (Wright, et al., 2011). 

3.4 RETROFIT MEASURES FOR RC BRIDGE BENTS 

Although the retrofit measures discussed in the previous section are also applicable 

for RC bridge bents, this section presents retrofit alternatives that aim to improve the overall 

behavior of RC bents more than just improving a specific component.  

3.4.1 Infill Walls 

Infill walls are walls constructed between the columns, cap beam, and footing of a 

multi-column bent. Adding infill shear walls or braced systems in RC structures has been 

commonly used as strengthening method in order to increase the shear capacity in the 

transverse direction, limit the transverse displacements and avoid the formation of plastic 

hinges in columns and cap beam. Figure 3.11 compares the effect of infill shear walls, also 
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referred to as post-cast wall, with different methods used for retrofitting RC structures. As 

shown in the figure, steel braced frames and infill walls are the most efficient retrofit 

measures in terms of enhancing transverse shear capacity.  

Infill walls have been commonly applied for retrofitting multi-column RC bridge 

bents due to their lower cost and familiar implementation in the field. The common 

implementation of infill walls is depicted in Figure 3.12 (FHWA, 2006). The critical aspect of 

using infill walls is to create an adequate force transfer between the wall, the existing 

columns and cap beam. In order to obtain an adequate interaction between the surfaces, 

some extent of the existing cover needs to be chipped off and dowels need to be drilled and 

grouted before pouring.  

 

Figure 3.11 Effect of different retrofit measure for RC frames. (Sugano, 1981) 

Pulido et al. (2004) performed shake table testing of a ¼ scale as-built bent 

representing typical bridge bents constructed before the 1970s and an identical specimen 

retrofitted with an infill wall. The results of this study showed that the use of infill walls can 
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enhance the seismic performance of the as-built bent by increasing both the strength of the 

bent and its ductility. 

     
 (a) (b) 

Figure 3.12 Infill wall. (a) Schematic, (b) Installation on West Lake Sammish Parkway (photo: L.M. 
Marsh) 

3.4.2 Link Beams 

Another measure used for retrofitting the overall bent behavior is the use of link 

beams between columns as shown in Figure 3.13. This retrofit technique is usually utilized 

when the induced forces by a seismic event significantly exceed the component capacity and 

is generally recommended for the retrofit of tall multi-column bents (Priestley, et al., 1996). 

Link beams can be located high in the columns or above the footing. When they are 

located high in the columns they are an effective technique to reduce the internal forces in 

the cap beam. If the link beam is located at midheight, the stiffness of the bent will be 

doubled and then the displacements will be reduced by half. Finally, if the link beam is 

located just above the footings, then the forces transmitted to the footings will be reduced. 

Special attention needs to be placed in the design of the link beam to ensure that plastic 

hinges form in the column below or above the link beam. This is achieved following capacity 

design principles. 
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The use of link beams as a retrofit technique has proved effective to prevent damage 

after earthquake events (Priestley, et al., 1994).  

 

Figure 3.13 Application of link beams in San Rafael Viaduct, California.  

3.4.3 Isolation Devices 

In the case of bearing-supported superstructures, seismic isolation is an effective 

retrofit technique to reduce the demands that seismic events place on bridges. The isolation 

of drop-bent bridges is achieved by incorporating seismic isolation bearings or also called 

simply isolators between the superstructure and the substructure. Isolators are mechanical 

devices with low horizontal stiffness and are used in bridges for the following reasons: (1) to 

reduce spectral accelerations in stiff bridges (Figure 3.14a), (2) to reduce strength and 

displacement demands by increasing energy dissipation (Figure 3.14b), (3) to avoid damage 

and brittle failure in substandard components such as columns, bents and footings. 

Nowadays, several types of isolators are available in the market and have been 

successfully implemented to protect structures under seismic events (Skinner, et al., 1993), 

(Constantinou, et al., 2011)  (Marsh, et al., 2014). Several seismic isolators have been used in 

bridges. Some of them are: (1) Laminated bearings or low-damping isolators (LDRB), (2) 
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Lead-rubber bearings (LRB) as shown in Figure 3.15, (3) Friction pendulum bearings (FPB), 

(4) Flat sliding bearings (FSB) or Eradiquake (EQS), (5) Steel yielding devices (SY), (6) 

Combinations of elastomeric bearings with viscous dampers, etc. 

 
(a) 

 
(b) 

Figure 3.14 Effect of seismic isolation.  
(a) Reduction in spectral acceleration, (b) Effect of increased damping 

Period (sec)

Acceleration

(g)

Original

Bridge

Isolated

Bridge

Period Shift

Reduction in 

Acceleration

Increasing

Damping

Period (sec)

Displacement

Original

Bridge

Isolated

Bridge

Period Shift

Reduction in 

Displacement

(Increase in Displacement)



 

97 

 

Figure 3.15 Lead rubber bearing (LRB) (Robinson, 1982) 

3.4.4 Energy Dissipation Devices 

Although energy dissipation devices are also used as seismic isolators, this section is 

focused on energy dissipation devices used on braces. In this case energy dissipation devices 

are primarily used to increase structural stiffness and reduce displacements.  

Several analytical and experimental studies have been conducted on the use of steel 

bracing as a seismic retrofit technique for RC frame buildings (Badoux & Jirsa, 1990), 

(Yamamoto & Umemura, 1992). Current research into seismic retrofitting RC frames with 

bracing mostly involves adding supplemental damping devices in an effort to minimize the 

increase in strength that the retrofit measure would impart to the rest of the components of 

the structure (McDaniel, 2006). Among the damping devices that have been proposed for 

seismic retrofitting of structures can be found friction dampers, fluid viscous dampers, 

viscoelastic dampers, hysteretic dampers and shape memory alloy dampers.  

Friction dampers dissipate energy by the friction exerted between the contact 

surfaces of two elements sliding relatively one another. Generally, friction devices present 

rectangular hysteretic behavior and are independent to loading velocity. Among friction 

dampers can be found: (1) Pall friction dampers (Figure 16a) (Pall & Marsh, 1982), (2) 
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Sumitomo damper (Aiken, et al., 1992), (3) Slotted-bolted connections (Grigorian, et al., 

1993), (4) Friction damper device (FDD) (Figure 3.16b) (Mualla & Belev, 2002). 

 
(a) 

 
(b) 

Figure 3.16 Friction dampers. (a) Pall damper (Pall & Marsh, 1982), (b) FDD (Mualla & Belev, 2002) 

Fluid viscous dampers dissipate energy through a viscous fluid flowing through 

orifices inside a cylinder. The damping force exerted by the damper is proportional to the 

damping ratio, which depends on the pressure difference across the piston head, and the 

velocity of the piston (Constantinou & Symans, 1993). Typical details of a fluid viscous 

damper is shown in Figure 3.17 
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Figure 3.17 Fluid viscous damper. (Constantinou & Symans, 1993) 

Hysteretic dampers, also referred to as metallic dampers, dissipate energy through 

the inherent inelastic behavior of metals. Therefore, the behavior of the dampers is 

characterized by the hysteretic behavior of the metal. Many potential hysteretic dampers 

such as buckling-restrained braces (BRBs), eccentrically braced frames (EBFs), U-shaped 

dampers and energy dissipating braces (EDBs) can be used for retrofitting RC bridge multi-

column bents as shown in Figure 3.18. 

   
 (a) (b) 

 
(c) 
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(d) 

Figure 3.18 Hysteretic dampers (metallic devices): (a) BRBs (Clark, et al., 1999), (b) EBFs (Mazzolani, 
et al., 2009), (c) U-Shaped dampers (Bagheru, et al., 2015), (d) EDBs (Dolce, et al., 2005) 

Among the hysteretic devices found in the market, buckling-restrained braces (BRBs) 

have gained notoriety in the field of seismic retrofitting structures for its stable hysteretic 

behavior and ease of implementation. Buckling-restrained braces, which are the subject of 

this study, were introduced in the US in the late 1990’s. The main characteristic of a BRB is 

its ability to have a stable hysteretic response through yielding both in tension and 

compression due to the prevention of global buckling as shown in Figure 3.19 (Clark, et al., 

1999). This inherent property of providing higher hysteretic energy dissipation makes BRBs 

a good candidate in seismic retrofit applications, where the main structure can be designed to 

respond elastically and the braces become disposable elements capable of absorbing and 

dissipating the earthquake-induced energy.  

Despite the increasing use of this system for buildings, its use has not been 

materialized on bridge structures. Few BRB applications in bridges can be found, e.g. 

feasibility of using BRBs for the Vincent Thomas Bridge in Long Beach, California 

(Lanning, et al., 2011) and seismic retrofit of California’s Auburn-Foresthill Road Bridge 

(Reno & Pohll, 2010).  
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Figure 3.19 Hysteretic behavior of a BRB. (Clark, et al., 1999) 

The concept of using BRBs as a seismic retrofit of RC multi-column bents was 

conceptually proposed by El-Bahey (2011). However, its implementation and experimental 

validation has not been carried out. The following sections of this study present further 

development and experimental evaluations of using Buckling-Restrained Braces as a 

hysteretic device for retrofitting seismically deficient RC bridge bents. 

3.5 SUMMARY  

Typical RC bridge bents built prior 1970 in the Pacific Northwest of the United 

States are highly vulnerable to seismic events since they were not designed with a seismic 

criteria in mind, as a consequence, numerous bridges have inadequate reinforcing steel 

detailing, inadequate transverse reinforcement in columns, cap beams and joints, insufficient 

confinement, and lap splices within expected plastic hinge zones. In order to overcome these 

deficiencies, retrofit measures for RC components aim to improve the component ductility, 

shear strength and provide confinement by “Jacketing” the component through the use of 

various materials such steel and fiber-reinforced polymers. The method of jacketing the RC 

component has now been implemented on a large number of deficient bridges throughout 

seismic regions and have helped preventing bridge failures during major seismic events 
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(Kawashima, et al., 2011). Other techniques to retrofit RC bridge bents such as infill walls, 

link beams, seismic isolators and energy dissipation devices were also presented. In the 

following chapters buckling-restrained braces as seismic retrofitting technique is further 

investigated. 
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4 CHAPTER 4 

SEISMIC RETROFIT AND REPAIR OF MULTI-COLUMN RC BRIDGE BENTS 

UTILIZING BUCKLING-RESTRAINED BRACES 

4.1 GENERAL 

Current seismic retrofitting manuals and guidelines for existing highway structures in 

the United States are based on a performance-based seismic design (PBSD) methodology, 

which uses a multiple-level approach to performance criteria with two seismic hazard levels 

(FHWA, 2006). In this methodology, damage states can be presented in terms of physical 

damage and strain limits or curvature limits. Therefore, engineers designing retrofit measures 

for improving the seismic resistance of existing bridge substructures need to ensure that the 

structure remains operational under a moderate earthquake and that life safety is preserved 

after a large earthquake. Seismic retrofit measures including steel jacketing and fiber 

composite wrapping have been typically utilized to improve the ductility and shear resistance 

of reinforced concrete substructures as described in the previous chapter. However, these 

measures neither prevent damaging of columns nor excessive displacements, which in some 

cases could result in not meeting the intended performance level. In order to overcome this 

problem, this chapter discusses the option of using sacrificial elements also referred to as 

structural fuses as a retrofit and repair measure for reinforced concrete bridges and presents 

the implementation on representative seismically deficient, also referred to as substandard, 

RC bridge bents found in the state of Oregon. In this study, the term retrofit refers to 
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enhancing or upgrading an undamaged existing bent. Meanwhile, the term repair is used to 

denote the rehabilitation of a damaged RC bent.  

4.2 ACTUAL SEISMIC DESIGN AND RETROFIT PHILOSOPHY 

Bridges in the United States and in other parts of the world are seismically designed 

based on the American Association of State Highway and Transportation Officials 

(AASHTO) seismic specifications. After the devastating earthquakes in San Francisco, CA in 

1971 and Loma Prieta, CA in 1989, AASHTO adopted a forced-based design methodology, 

which was based largely on design criteria developed by the California Department of 

Transportation (Caltrans). Over the years, it became evident that this methodology did not 

provide a rational assessment of displacement demand/capacity needed for bridge 

structures. Consequently, AASTHO modified this methodology for a displacement-based 

criteria (AASHTO, 2009). This new methodology uses a design earthquake with 7 percent 

probability of exceedance in 75 years (Approx. 1000-year return period) and four seismic 

design categories (SDC). Under the AASHTO code requirements bridges are primarily 

designed to meet a standard performance level based on a life-safety approach, which means 

the bridge has a very low probability of collapse when subjected to earthquakes that are most 

likely to occur over the life of the structure.  

Nowadays, the seismic design philosophy of bridges is trending to a performance-

based seismic design, in which different performance levels need to be satisfied under 

representative seismic hazards (NCHRP, 2013). For seismic retrofit of bridges the Federal 

Highway Administration (FHWA) released a performance-based guideline in 2006 (FHWA, 

2006), which uses a multi-level performance criteria. In this methodology, damage states can 

be presented in terms of physical damage and strain limits or curvature limits. Following 



 

105 

FHWA steps, a few Departments of Transportation in the United States have adopted the 

performance-based seismic design criteria in their manuals and regulations (NCHRP, 2013). 

This is the case of the Oregon Department of Transportation (ODOT), which for both new 

and existing bridges has adopted a two-level performance criteria (ODOT, 2015). The two-

level performance criteria adopted by ODOT comprises a “Life Safety” criteria under a 

1000-year event (7% probability of exceedance in 75 years) and an “Operational” criteria 

under a 500-year event (14% probability of exceedance in 75 years). The inclusion of this 

additional lower level performance criteria aims to ensure the serviceability of the bridge. 

Figure 1 illustrates a four level performance criteria adapted from buildings (Moehle & 

Deierlein, 2004) to satisfy the dual ODOT requirement. 

 

Figure 4.1 Visualization of PBSD (after Moehle and Deierlein 2004), adaptation to ODOT’s 
requirements 

4.2.1 Ground Motion Hazard and Seismic Retrofit Categories 

According the FHWA retrofit design manual (2006), in order to identify evaluation 

methods and retrofitting measures, the performance-based seismic retrofit category of the 
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bridge (SRC) need to be determined. These retrofit categories depend on the bridge’s 

importance, the anticipated service life (ASL), which is one of the factors in deciding the 

extent of retrofitting, and the seismic hazard. For the representative MPCG Bridge and most 

of the deficient bridges in Oregon a standard importance category is recommended. The 

anticipated service life lies in the range 16 to 50 years, which represents an ASL 2 (FHWA, 

2006). Next, the performance level for the bridge needs to be determined. The Oregon 

Bridge Design and Drafting Manual (BDDM) in its 2015 version recommends a dual 

performance level. The two-level performance criteria for existing bridges recommended by 

ODOT are “Life Safety” under a 1000-year return period earthquake (7% probability of 

exceedance in 75 years) and “Operational” under a 500-year return period event (14 percent 

probability of exceedance in 75 years). The inclusion of this additional lower level 

performance criteria (“Operational”) is above the standard performance requirements 

prescribed by AASHTO. Moreover, ODOT raised the lower earthquake ground motion 

level from a 100-year return period event (50 percent probability of exceedance within 75 

years) found in the FHWA retrofit manual to a 500-year event as shown in Table 4.1.  

Table 4.1 Minimum performance levels for expected retrofitted bridges in Oregon 

Ground Motion 
Minimum Performance Level for 

Standard Bridges and ASL 2 

Lower Level Ground Motion 
100-year (FHWA) 
500-year (ODOT) 

PL2: Operational 

Upper Level Ground Motion 
1000-year (FHWA-ODOT) 

PL1: Life Safety 

Depending on the scaled response spectral accelerations for short-period (0.2 sec), 

SDS, and long period (1.0 sec), SD1, the FHWA recommends four levels of seismic hazard 
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level as indicated in Table 4.2. In the case that two different hazard levels are indicated for a 

location, the higher level needs to be used. 

Table 4.2 Seismic hazard levels 

Hazard Level Using SD1 Using SDS 

I SD1 ≤ 0.15 SDS ≤ 0.15 

II 0.15 ≤ SD1 ≤ 0.25 0.15 ≤ SDS ≤ 0.35 

III 0.25 ≤ SD1 ≤ 0.40 0.35 ≤ SDS ≤ 0.60 

IV 0.40 < SD1  0.60 < SDS  

Based on the minimum performance level of a potential retrofitted bridge (Table 4.1) 

and the corresponding seismic hazard level (Table 4.2) the FHWA recommends that the 

structure should be categorized in one of the four performance-based seismic retrofit 

categories (SRC), which go from A through D, in increasing order of demand as shown in . 

Bridges in the seismic retrofit category A do not need to be evaluated or retrofitted. On the 

contrary, bridges in SRC D require the most rigorous assessment and retrofitting measures. 

Table 4.3 shows the seismic retrofit categories adapted from the FHWA (2006) to comply 

with ODOT performance levels for bridges built prior to 1970 in Oregon. 

Table 4.3 Seismic retrofit categories, adapted for bridges in Oregon  

Hazard Level 
Operational  

(500-year event) 
Life Safety 

(1000-year event) 

I B A 

II B B 

III C B 

IV D  C 

Moreover, the FHWA recommends minimum requirements to evaluate bridges 

based on their seismic retrofit category and the level of earthquake (500-year or 1000-year 
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event). Those evaluation methods are indicated in Table 4.4. Description of each method 

can be found in the FHWA retrofitting manual (2006). 

Table 4.4 Evaluation methods for existing structures  

SRC 
Operational  

(500-year event) 
Life Safety 

(1000-year event) 

A Not required Not required 

B Minimum Capacity Checks Minimum Capacity Checks 

C 
Component Capacity/Demand 
method using elastic dynamic 
analysis 

 Component Capacity/Demand 
method using elastic analysis 

 Nonlinear static procedure 
(Pushover) 

D 
Component Capacity/Demand 
method using elastic dynamic 
analysis  

 Component Capacity/Demand 
method using elastic analysis 

 Nonlinear static procedure 
(Pushover) 

 Nonlinear time history analysis 

The seismic hazard level used in this study does not correspond to any specific 

location, instead the response spectrums used in the study aim to be representative of a vast 

number of bridges in Oregon. In order to achieve that, the 84th percentile (mean + 1 

standard deviation) of the acceleration values obtained from the 2002 USGS ground motion 

maps for the bridges built prior 1970 were assumed as the representative response spectral 

accelerations. The design response spectrums were developed using the two-point method 

(AASHTO, 2009) and are depicted in Figure 4.2. The maximum considered earthquake 

(MCE), which is not used in bridge design since it is used in building codes to define an 

event having a 2% probability of exceedance within 50 years, is also included as a point of 

comparison. 
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Figure 4.2 Representative response spectrums 

The seismic hazard posed by the Cascadia subduction zone (CSZ) in the Pacific 

Northwest of the United States had been largely underestimated due to the believe that the 

Cascadia Subduction zone was a quiet fault. However, with the studies carried out by 

Atwater (2005) and Goldfinger (2003) we now know that a megathrust subduction 

earthquake is likely to strike the coasts of the Pacific Northwest. In order to overcome this 

problem and have representative seismic demands, deterministic seismic hazard maps to 

represent the 500-year event (Operational design level) were developed using the full CSZ 

rupture model (M=9.0), logic tree and attenuation equations presented in the 2014 update of 

the United States National Seismic Hazard Maps (Petersen, et al., 2014). The maps generated 

for the state of Oregon are shown in Figure 4.3 for peak ground acceleration (PGA), 0.2 sec 

and 1.0 sec. The maps present acceleration values for a B/C NEHRP soil category (average 

shear-wave velocity for the upper 100 ft or 30 m of the soil profile, Vs30 = 2500 ft/s or 760 

m/s) (BSSC, 2003), (AASHTO, 2009). Comparison of the spectral accelerations shown in 

Figure 4.2 and Figure 4.3 lead to the conclusion that the spectral acceleration demands used 
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in this study for the 500-year event corresponds to acceleration demands in the Western 

(coastal) area of Oregon. 

 
 (a) (b) 

 
(c) 

Figure 4.3 CSZ 2014 full rupture acceleration values for (a) PGA, (b) 0.2 sec, (c) 1.0 sec  

Moreover, Figure 4.4 shows a comparison between the representative response 

spectrum used in this study for the 500-year event and deterministic response spectrums 

calculated for three locations in the State of Oregon and for different soil classifications. 

Average shear-wave velocities of 5000 ft/s (1500 m/s), 2500 ft/s (760 m/s), 1850 ft/s (560 

m/s), 900 ft/s (270 m/s) and 600 ft/s (180 m/s) where assumed for soils A, B, C, D and E, 

respectively. From the figure is observed that the spectral accelerations for the 500-year 

event used in this study are higher than the deterministic acceleration demands in populated 
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areas like Portland (Figure 4.4b), and are similar to the demands in coastal cities like Astoria 

and Newport (Figure 4.4c and Figure 4.4d) for a B/C NEHRP soil class. 

    
 (a) (b) 

  
 (c) (d) 

Figure 4.4 Response spectrum used in this study vs deterministic response spectrum for the 500-year 
event. (a) Map of Oregon (Google) (b) Portland, (c) Astoria, (d) Newport. 

Once the spectral accelerations are obtained the seismic hazard level and the seismic 

retrofit category (SRC) can be determined. Considering the response spectrum showed in 

Figure 4.2, standard bridges built prior 1970 can be categorized in the seismic hazard level 

IV. Consequently, the SRC for those bridges is as follows: 

 SRC D for the 500-year event (Operational performance level) 

 SRC C for the 1000-year event (Life Safety performance level) 
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The methods of evaluation for the two SRC vary from a minimum analysis of 

component capacity/demand method to more refined analysis such nonlinear static 

procedures, as indicated in Table 4.4. 

4.3 STRUCTURAL FUSE RETROFIT STRATEGY 

The recent occurrence of highly devastating earthquakes near instrumented regions, 

e.g. 2010 Maule, Chile and 2011 Tohoku, Japan, has again shown the vulnerability of RC 

bridges subjected to subduction zone mega earthquakes. Various research efforts on 

structural damage control concepts had taken place in order to develop more effective and 

reliable retrofit strategies for existing structures subjected to strong ground motions. One 

alternative that has attracted the focus of current investigations is the use of structural fuses. 

This structural fuse retrofit concept consists of integrating replaceable components in the 

main structural system in such a way to restrict the damage undergoing for the primary 

structure after a damaging earthquake (Connor, et al., 1997) In the case of hysteretic 

dampers (or metallic dampers), these are designed as replaceable elements in order to take 

the earthquake-induced energy and dissipate it through nonlinear hysteretic behavior, 

meanwhile, the remaining structure is expected to behave elastically.   

The retrofit strategy adopted in this study is focused in the transverse direction and is 

based on employing two independent structural systems. The reinforced concrete multi-

column bent, which is the primary system and supports the vertical loading; and a 

replaceable system that adds lateral stiffness and functions as the seismic energy dissipation 

device. For the retrofitted bridge bent system, many potential metallic dampers such as 

buckling-restrained braces (BRBs), eccentrically braced frames (EBFs), U-shaped dampers 

and energy dissipating braces (EDBs) can be used as a fuse element as shown in Fig. 3.18. 
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This structural concept has potential advantages over conventional retrofit systems. 

Some of them are: 

 Since the gravity resisting system is designed to remain elastic after a major 

earthquake event, higher performance levels can be achieved for the 500-year and 

1000-year events. 

 Energy dissipation through stable nonlinear hysteretic behavior. 

 The stiffness of the system is increased providing a drift-controlled system 

  Ideally, the sacrificial elements can be easily replaced, minimizing the repair time and 

allowing uninterrupted service in the bridge. 

 By forcing the inelastic demand to the fuses, the behavior of the system becomes 

more predictable.  

This retrofitting technique is not exempt of disadvantages and challenges. For 

example, special assessment of element’s capacities needs to be performed since the internal 

forces in the system may change due to the added strength and stiffness of the replaceable 

element, and consequently affect other bridge components such as footings. And, the 

connection design between steel and concrete components also needs special attention. 

Moreover, since the retrofit strategy mainly affects the response in the transverse direction, 

in the longitudinal direction, depending on the type of abutment, the bridge can engage the 

abutments that significantly influence the deformation demand. This is the case for bridges 

with integral and semi-integral abutments where the passive resistance of the soil against the 

backwall increases the seismic force transferred to the abutment backfill, and decreases the 

seismic demands on the bridge bents. 
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4.4 DESIGN AND IMPLEMENTATION OF STRUCTURAL FUSES 

4.4.1 General Design and Implementation 

As in any design, in order to retrofit deficient RC multi-columns bridge bents by 

using structural fuses is necessary to iterate until all the limit states of each component are 

verified and a proper design is achieved. For this purpose a retrofit procedure needs to 

follow at least 4 main steps as shown in Figure 4.5 and described as follows: 

 Step 1: Assessment of the as-built RC bent. The capacity of the bare (as-built) bent 

and the demand obtained from two seismic hazards (500-year and 1000-year events) 

need to be assessed. 

 Step 2: Sacrificial element needs to be design following the structural fuse concept. 

Location, configuration, stiffness and dimensions of the fuse needs to be 

determined.  

 Step 3: Connection needs to be designed to sustain the load transferred from the 

fuse element. The connection between sacrificial elements to gusset plate and gusset 

plate to concrete components need to be performed. 

 Step 4: Column, cap beam and footing capacity need to be checked to ensure that 

the primary system remains elastic or with minor damage after the dual seismic 

demand (500-year and 1000-year events).  

 Step 5 (Optional): Repeat steps 2 to 4 if needed. 
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Figure 4.5 Structural fuse design implementation. 

4.4.2 Step1: Preliminary Assessment of the As-built RC bent 

The as-built RC multi-column bridge bent capacity and demand from two seismic 

hazards (500-year and 1000-year events) need to be assessed. A nonlinear static analysis, or 

also referred to as pushover analysis, is required to determine the capacity curve of the RC 

bent as shown in Figure 4.5. 

The pushover analysis required the use of material properties from actual testing, 

such as reinforcing steel tensile tests or mill certificates and compression tests on concrete 

cylinders taken from representative areas of the bridge. In cases when testing of samples is 

not feasible expected material properties can be used. Expected material properties can be 

determined by applying factors to the specified properties. Factors of 1.3-1.5 and 1.1 are 

recommended in the literature for the compressive strength of concrete and the yield stress 
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of steel, respectively (Priestley, et al., 1996), (AASHTO, 2009). It is worth mentioning that a 

general pushover analysis is suitable in this case since the first mode usually controls the 

behavior of RC bridge bents in the transverse direction.  

The demand is obtained from subjecting the as-built bent to two seismic hazards, 

which are a 500-year event (14 percent probability of exceedance in 75 years) and a 1000-

year event (7 percent probability of exceedance in 75 years). A first estimation of the 

displacement demand in the RC bent can be calculated using Eq. (4.1), which is based on an 

elastic analysis of an equivalent single degree of freedom system. The use of this analysis 

requires the determination of the response spectrum for each seismic hazard and applying a 

displacement magnification factor (Rd) for short-period structures as per AASHTO (2009). 
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Where, Te is the fundamental period of the SDOF system; Sa is the spectral 

acceleration given by the respective response spectrum; g is the standard gravity constant; m 

is the inertial mass of the system, Ks is the stiffness of the system, Ts is the period at the end 

of constant design spectral acceleration plateau and µD is the maximum local member 

displacement ductility demand. AASHTO states that µD may be taken as 6 for multi-column 

bents. 
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Figure 4.6 Assessment of as-built RC bent. 

4.4.3 Step 2: Structural Fuse Design 

The structural fuse concept design procedure presented in this study is similar to the 

one proposed by Vargas and Bruneau (2009) for buildings and El-Bahey and Bruneau (2011) 

for bridges but with some modifications. The design concept, as already stated, requires that 

the primary structural system remains essentially elastic after a major earthquake. In order to 

fulfill this design concept and satisfy the performance criteria for existing bridges described 

in the FHWA (2006) guideline, the fuse component needs to be designed in such way to 

reduce the displacement demands on the as-built bent, which ideally would respond 

elastically under the 500-year and 1000-year event. However, due to the increased forces in 

the system, in some cases the demands in the concrete elements exceed their capacity 

making the design and implementation of the fuse infeasible. For that reason, minor inelastic 

excursions are allowed to occur under the 1000-year event as shown in Figure 4.7. A 

maximum displacement of 140 percent the yield displacement (1.4δy) is recommended, 

which is equivalent to a displacement ductility of μ=1.4 for the as-built bent. Priestley et al. 

(1996) stated that the displacement ductility at which the operational performance level 

δ 500

δ 1000

Demand on 

Bent Only

As-built RC Bent 

Capacity Curve

δy
B

Vy
B

Lateral Force, V

Displacement, δ



 

118 

occurs depends on many factors such as section properties, dimensions and level of axial 

load, and suggested an average ductility (μ) of 2 to limit the serviceability or operational 

performance level. Kowalsky (2000) calculated displacement ductility values at different 

design limit states. The displacement ductility values for the serviceability limit states ranged 

from 1.1 to 3. Therefore, the use of a displacement ductility of 1.4 is recommended in an 

effort to limit damage in the concrete components, still provide for a system ductile 

response and achieved an operational performance level. 

For the response of the structural fuse is assumed a bi-linear response with 

hardening as depicted in Figure 4.7. Important parameters that define the response of the 

structural fuse, which is depicted as fuse contribution in Figure 4.7, are the yield 

displacement of the fuse (δy
Fuse), the lateral force corresponding at the yield displacement 

(Vy
Fuse), the initial stiffness (ki

Fuse) and any over-strength factor affecting the hardening of the 

fuse. The strength hardening effect is important since it increases the demands in the 

concrete elements. 

The effect of retrofitting the RC bent by incorporating BRBs can be observed in the 

increment on lateral strength capacity and the reduction on displacement demand for both 

seismic hazards as shown in Figure 4.7. The increased strength is reflected in the curve 

referred to as “Retrofitted Bent”, in which at the yield displacement of the fuse the strength 

is Vy1
R and at the yield displacement of the as-built bent is Vy2

R. 

The first step to design the structural fuses is to set the following parameters: 

 Material properties (fy, Es) that are limited to commercial products 

 Configuration of the fuse system (Lb, θ) that is limited by the existing bridge 

dimensions.  
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The following step is to set the displacement demand equal to or less than the yield 

displacement of the bent (δy
B), which was previously obtained in the assessment of the as-

built RC bent, for the 500-year event and equal to or less than 1.4 times the yield 

displacement of the as-built bent for the 1000-year event as shown in Eq. (4.2) and (4.3), 

respectively. 
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Figure 4.7 Idealized structural fuse retrofit design 

The system composed by the RC bent and the structural fuse can be analyzed as a 

system in parallel. In such configuration, the displacement in global coordinates (δ) is the 

same for both the RC bent and the structural fuse. The strength (V) and stiffness (k) of each 

element is added to obtain the system strength and stiffness as follows: 
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 FuseBR VVV   (4.4) 
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The effective initial stiffness of the as-built RC bent (keff
B) can be directly determined 

from the pushover curve or by using an elastic analysis assuming crack sections as shown in 

Eq. (4.6). 
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Where, Ecc and Ecb are the modulus of elasticity of concrete in the column and beam 

respectively; Ic,crack is the cracked inertia of the column; Ib and Ic are the inertia of the beam 

and column respectively; H is the height of the bent; L is the span of the bent and ρ is a 

modification factor that take into account that the cap beam is not infinitely rigid. 

Since the demand depends on the fundamental period of the system, the structural 

fuse design, as discussed in this paper, is reduced to iterate until the stiffness of the fuse 

system (ki
Fuse) is determined as shown in Eq.  
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In summary, the aim of the structural fuse design is to reduce the displacement 

demands of the as-built bent for the 500-year event (δ500) and 1000-year event (δ1000) to 

displacement demands below the yield displacement of the as-built bent (δy
B) for the case of 

the retrofitted bent under the 500-year event (δR
500) and 1.4 times the yield displacement of 

the as-built frame for the case of the retrofitted bent under the 1000-year event (δR
1000). 
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4.4.4 Step 3: Connection Design 

Any steel brace-to-gusset plate connection shall be designed to resist the demands 

based on adjusted strengths in an effort to satisfy capacity design principles as per AISC 

(2010) and shown in Eq. (4.8).  

  yyad PRP   (4.8) 

Where, Pad is the adjusted strength; Ω is an over-strength factor; Ry is the ratio of the 

expected yield stress to the specified minimum yield stress (usually taken as 1.1), and Py is the 

yield strength of the connecting member. Over-strength factors shall be obtained from 

qualification tests or provided by the manufacturer. 

The limit states that need to be checked for the design of the gusset plate according 

to AASHTO (2009) and AISC steel manual (2011) are: tensile yielding of Whitmore section, 

tensile rupture of Whitmore section, block shear in tension, buckling in compression, yield 

moment strength, plastic moment strength, weld/bolts for gusset to brace connection, and 

buckling of unsupported edge. For bolted connections is recommended the use of slip 

critical connections.  

Anchor rods are recommended for connecting the gusset plate to concrete. The 

design forces are obtained from the adjusted strength and the corresponding gusset plate 

free body diagram. According ACI318 Appendix D (2011), tensile and shear strength must 

be considered in the connection design. For tensile strength, five possible failure modes can 

appear in this load direction, namely, steel failure of anchor in tension, concrete breakout, 

pullout, concrete side-face blowout, and concrete splitting. For shear strength, three failure 

modes are considered, namely, steel failure in shear, concrete breakout and concrete pryout. 

The failure modes in tension and shear mainly depend on steel grades, bolt spacing, concrete 
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cover and bolt embedment. Additionally, for anchors that are subjected to both shear and 

tension a shear-tension interaction shall be satisfied. 

4.4.5 Step 4: Capacity Check 

Due to the incorporation of structural fuses, the internal forces in the RC bent 

components (columns, cap beam and footings) may increase considerably. This is 

particularly important when an oversized metallic damper is used. For that reason, a capacity 

check of the RC elements is crucial for the success of the structural fuse design concept. The 

capacity of concrete elements can be computed using the requirements of AASHTO (2009) 

and needs to be compared to the internal forces generated using adjusted (or factored) loads. 

If strength requirements of any reinforced concrete element are not satisfied, a new 

structural fuse design iteration is required as shown in Figure 4.5. Moreover, at the ultimate 

damage state the formation of plastic hinges has to be verified in order to avoid any 

undesirable mechanism of collapse. 

4.5 BRBS AS STRUCTURAL FUSE FOR MULTI-COLUMN RC BRIDGE BENTS 

BRBs were introduced over two decades ago, and many experimental tests and post-

earthquake reconnaissance in multi-story frame buildings have shown that these structures 

may be efficiently retrofitted using BRBs (Tremblay, et al., 2006), (Cameron, et al., 2004). 

However, their potential implementation in bridges has been limited to research in steel 

girder diaphragms and steel bridges (Carden, et al., 2006). Recently, El-Bahey & Bruneau 

(2011) proposed the used of BRBs as a structural fuse in the seismic retrofitting of RC bents. 

El-Bahey’s studies were based on the previous work carried out by Vargas & Bruneau (2006) 

for buildings. The main characteristic of a BRB is a stable hysteretic behavior through 
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yielding in both tension and compression by restraining the core from global buckling 

(Clark, et al., 1999). This inherent property of stable hysteretic response, which may be 

translated to higher hysteretic energy dissipation, makes BRBs a good candidate in seismic 

retrofit applications. As with any metallic dissipation device, BRB behavior depends on its 

geometry and mechanical characteristics, and its effectiveness depends on its energy 

dissipation capacity. BRBs are typically composed of a steel core and an encasing system that 

is unbounded from the steel core as illustrated in Figure 4.8, which also depicts typical 

characteristic segments. The main function of the steel core is to transfer the axial force, 

while the encasing system prevents buckling of the core under compression. Additionally, a 

layer of unbounded material is used in the interface between the steel core and the encasing 

system to eliminate the shear transfer during elongation and contraction of the steel core. 

BRBs are a versatile system allowing different configurations and material composition 

(Miller, et al., 2012), (Dusicka & Tinker, 2013). 

 

Figure 4.8 Configuration of a typical buckling-restrained brace. 

Despite the increasing use of this system for buildings, its use has not been 

materialized in bridge structures. Few BRB applications in bridges can be found, e.g. 

feasibility of using BRBs for the Vincent Thomas Bridge in Long Beach, California 

(Lanning, et al., 2011) and seismic retrofit of California’s Auburn-Foresthill Road Bridge 
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(Reno & Pohll, 2010). However, none has been implemented for seismic retrofitting of 

common reinforced concrete multi-column RC bridge bents. The objective of this research 

is to advance the seismic retrofit of reinforced concrete bridges subjected to moderate and 

large earthquakes by using buckling-restrained braces as a retrofit measure. For the 

retrofitted bridge bent system, the BRB is designated as the “fuse or replaceable” element 

and the RC bent is designated as the primary system as shown in Figure 4.9. The proposed 

configuration consists of a single diagonal brace (Figure 4.9(b)) but its use is not limited to 

that configuration as shown in Figure 4.9(c). This approach has the potential to improve the 

overall seismic behavior and the expected performance levels especially under performance 

driven design criteria. 

 
   (a)     (b) 

 
(c) 

Figure 4.9 BRB retrofit configuration. (a) Structural fuse schematic. (b) Diagonal configuration. (c) 
Chevron configuration 

4.5.1 Implementation of the Structural Fuse Concept Using BRBs 

The inclusion of a BRB aims to achieve an operational performance level for both 

seismic hazard events as depicted in Figure 4.10. 

Structural Fuse 

(BRB)
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Figure 4.10 Toward operational performance using BRBs 

In order to represent the behavior of buckling-restrained braces, a bi-linear response 

with hardening is utilized as illustrated in Figure 4.11. The BRB parameters are the steel core 

area (Asc), the steel core yield strength (fy), the initial stiffness (ki
BRB) that as a first 

approximation can be assumed as the stiffness provided by the reduced section, the over-

strength factors in tension (ω) and compression (βω), steel core elongation at initial yield (Δy), 

the elongation at the design story drift (ΔBM), which should not be less than 1% the story 

drift and as first approximation can be assumed as 7.5 Δy, the axial yield strength of steel 

core (Pysc) and the adjusted brace strength (Pad). 
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Figure 4.11 Idealized response of BRBs 

Additional transformation for the BRB parameters is needed depending on the BRB 

configuration. The proposed configuration consists of a single diagonal brace. Thus, the 

aforementioned BRB parameters that are in a local coordinate system can be transformed to 

a global coordinate system as shown in Figure 4.12. 

 

Figure 4.12 BRB parameters transformation 

The relation between the elongation of the BRB (Δ) and the lateral displacement of 

the RC bent (δ) is given by Eq. (4.9). 
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At yield, the stress-strain relationship for the BRB is given by Eq.(4.10) . Where, fy is 

the yield stress, Es is the modulus of elasticity of steel and εy is the strain at yield. 

Furthermore, the strain at yield is assumed as the strain produced at the reduced section (Lc), 

i.e. the deformations from the transition sections (Ltr) and full sections (Lf) are neglected.  
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Therefore, the BRB yield displacement (δy
BRB) is obtained substituting Eq. (4.10) into 

Eq. (4.9), which yields Eq. (4.11). 
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Finally, the lateral strength and stiffness contribution to be used in the structural fuse 

design, as presented in Section 4.4.3, is determined by using equations (4.12) and (4.13). 
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Since the demand depends on the fundamental period of the system, the BRB design 

is reduced to iterate until the BRB stiffness is determined using Eq. (4.14). Consequently, the 

steel core area and the reduced length section (Lc) of the BRB can be obtained using Eq. 

(4.15). 
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The final implementation of BRBs is recommended to be in coordination with a 

BRB manufacturer. This is because some of the parameters needed for the BRB design 

depend on the design of the brace itself and may differ from manufacturer to manufacturer. 

Also, it is worth mentioning that in many practical cases the design would result in short 

reduced sections (Lc), making not accurate the assumption that the initial BRB stiffness 

(ki
BRB) is solely given by the reduced section. Thus, an effective stiffness for the BRB (keff

BRB) 

that considers the contribution of the transition sections and full sections can be used 

instead as follows: 
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Where, ktr is the stiffness of the transition section and kf is the stiffness of the full 

section of the steel core. This effective stiffness is usually provided by the BRB 

manufacturer. 

The BRB-to-gusset connection shall be designed to resist the demands based on the 

adjusted brace strength as per AISC (2010). 

 yscyad PRP    (4.17) 

Where, Pad is the adjusted brace strength; βω is the over-strength factor in 

compression; Ry is the ratio of the expected yield stress to the specified minimum yield stress 

(usually taken as 1.1) and Pysc is the axial yield strength of steel core. Over-strength factors 

vary from 1.2 to 2.2 and shall be obtained from a qualification test or provided by the 

manufacturer. However, an initial assumption of 1.45 for βω is suggested in the preliminary 

design. 
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4.6 IMPLEMENTATION ON SUBSTANDARD RC BRIDGES 

Previous studies (Nako, et al., 2009) have stated that many bridges owned by the 

state of Oregon are highly vulnerable to damage after an earthquake. The main reason being 

the majority of state owned bridges were designed and built in a period of time (1950-1975) 

when seismic loading was not thoroughly considered as indicated in Table 4.5. 

Table 4.5 Seismic design code considerations, seismic hazard adopted by ODOT, and number of 
bridges built over time, adapted from Nako et al. (2009) 

Year AASHTO Design Code 
Ground Motion 

Hazard 
Adopted by ODOT 

No. of 
Bridges 

Built 

Prior 1958 
Seismic loading was not typically 
considered 

N/A 451 

1958-1974 
Bridges were designed for seismic 
force from 2%-6% of structure weight 

N/A 1294 

1971 San Fernando, CA Earthquake 

1975-1990 

Bridges were designed for seismic 
force from 2%-6% of structure weight 
based on AASHTO Interim 
Specifications 

Seismic Hazard Maps 
appeared in AASHTO 

522 

1989 Loma Prieta, CA Earthquake 

1990 
Adopt 1983 AASHTO Seismic 
Design Guide 

1990 Interim ODOT 
Seismic Specifications 
Hazard Map 

409 

2004-2008 
Include liquefaction effects into 
design 

2002 USGS hazard 
maps, 1000-year base 
design event 

2009 - 
Design check for 
serviceability level, 500-
year event 

- 

According to the National Bridge Inventory (NBI), Stringer/Multi-beam or Girder 

Bridges are the dominant type of bridge in the state of Oregon. For that reason, this section 

is focused on multi-span reinforced concrete and prestressed concrete continuous 

stringer/girder bridges that were built before 1970 since those bridges were designed 

primarily for gravity loads without much consideration to lateral forces from seismic loading. 
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As a result, columns lack sufficient transverse reinforcement to provide satisfactory 

performance in a major seismic event. Typically, No. 3 or No. 4 hoops at 12 inches on 

center were provided in columns regardless of the column cross-sectional dimensions. The 

stirrups were anchored by 90o hooks with short extensions and intermediate ties were 

seldom used. Minimal restraint provided by the hoops can cause the longitudinal 

reinforcement to buckle once the concrete cover spalls. Furthermore, bridges built prior to 

1970 have undesirable short to medium lap splices at the base of RC column. This lap splice 

detailing can potentially cause reduced column ductility and result in rapid loss of flexural 

strength. 

4.6.1 Multi-Column Prestressed Concrete Stringer/Girder (MPCG) Bridge Bent 

Prestressed concrete stringer/girder bridges, such as the one schematically depicted 

in Figure 4.13, are the second most common type of bridge in Oregon (Mehary & Dusicka, 

2015). These bridges consist of a superstructure that is not monolithically casted with the 

substructure. In these bridges the superstructure comprises a deck slab, parapets and girders. 

The substructure consists of bents (cap beam + columns), abutments and foundations. 

The characteristics of the representative MPCG bridge used in this study were 

inferred from the 2010 ODOT inventory for prestressed concrete stringer/girder bridges 

built prior 1970 as follows: 

 Selected from 364 Prestressed Concrete Stringer/Girder bridges built prior 1970 

 Number of spans equal to 3, since 180/364 bridges has that number of spans 

 Number of lanes equal to 2, since 132/364 bridges has that number of lanes 

 2 round 3 ft diameter columns per bent 

 Longitudinal reinforcement varies: No. 10 or No. 11 
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 Transverse reinforcement varies: No. 3 or No. 4 spaced 12 inches center-to-center 

 Integral or semi-integral abutments 

 
(a) 

 
(b) 

Figure 4.13 Typical MPCG bridge. (a) 3D schematic, (b) Elevation 

The representative multi-column prestressed concrete stringer/girder bridge bent, 

also referred to as MPCG bridge bent, corresponds to an existing RC multi-column bridge 

bent constructed in the 1950 to mid-1970 in the state of Oregon. As many of the bridge 

structures built at that time in the Pacific Northwest, the bridge substructure was designed 

and built with minimum seismic considerations. This resulted in inadequate transverse 

Substructure 

Superstructure 
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reinforcement, no seismic detailing, and lap-splices of length from 20 to 40 times the 

diameter of the longitudinal reinforcing steel (db) in expected plastic hinge zones. 

The prototype bridge bent consists of two circular columns per bent, a rectangular 

cap beam and rectangular pile cap footings. The column longitudinal reinforcement ratio is 

ρL = 1.2%, which is just above the minimum required by AASHTO (2009). The provided 

column shear reinforcement and confinement does not meet code requirements since #4 

circular hoops spaced at 12 in were provided. The cap beam has premature termination of 

top reinforcement and low quantity of bottom steel reinforcement at the ends of the span, 

which might result in the formation of premature hinges in the cap beam at the column face. 

Moreover, lap splices of 39 db can be found at the base of columns and no seismic detailing 

was specified. The specified material properties for the representative bridge were 3.3 ksi as 

compressive strength of concrete at 28 days and Grade 40 steel. Typical details for the 

representative two column RC bridge bent are illustrated in Figure 4.14. 

 

Figure 4.14 Typical RC bent used in MPCG bridges 

As described in Section 4.2.1, the methods to assess the behavior of existing bridges 

vary from a minimum component capacity/demand analysis to more refined analysis such 

nonlinear procedures (Pushover analysis and Nonlinear Time History analysis). In the 
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assessment of the MPCG bridge bent two methods were used, namely, the displacement 

demand/capacity method and the pushover method. 

Displacement demands on both directions were based on multi-mode spectral elastic 

analysis, combination of orthogonal displacement demands and were magnified through the 

use of the displacement magnification factor for short period structures, Rd. SAP2000 

models, as the one shown in Figure 4.15, were generated for the MPCG bridge in order to 

determine the demands in the transverse and longitudinal direction. Link elements were used 

to model the connection between girders and cap beam. Additionally, the moment transfer 

between girders and cap beam was released from the model to capture that no moment was 

transferred from the superstructure to the substructure.  

In this preliminary assessment, the foundations were assumed rigid (fixed-base 

columns) following the Modeling Method I recommended for SDC C bridges by AASHTO 

(2009). Typical MPCG bridges found in Oregon present semi-integral abutments. Those 

abutments were modeled through the use of linear springs with an initial longitudinal 

stiffness equal to 20 kip/in/ft that was adjusted proportional to the diaphragm height 

following ODOT recommendation (ODOT, 2015) and Eq. (4.18), which is based on 

empirical relationships developed from full-scale tests conducted at UC Davis (Maroney, et 

al., 1994). 

 
5.5

H
wkK iabut   (kip/in) (4.18) 

Where, ki is the initial stiffness, w is the width of the backwall in feet, and H is the 

height of the backwall in feet. ODOT recommends the use of ki = 20 kips/in/ft for the 

initial stiffness.  
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In addition to the stiffness provided by the backfill soil when the abutment backwall 

is pressed into the soil, abutment piles were also considered. A value of 40 kips/in per pile 

was used to represent the stiffness of the piles. 4 piles were assumed for the representative 

MPCG bridge as shown in Figure 4.13. In the transverse direction the stiffness was 

conservatively estimated, ignoring any wingwalls, as 40 kips/in per pile. 

 

Figure 4.15 SAP2000 model of the MPCG Bridge 

Table 4.6 Displacement demand for the MPCG Bridge 

Seismic 
Hazard 

Transverse 
(in) 

Longitudinal 
(in) 

500-year 2.2 1.8 

1000-year 3.4 2.5 

In order to determine the capacity of the MPCG bridge. The method described in 

AASHTO (2009) was utilized. A preliminary displacement capacity of the bridge was 

obtained from the approximation given by Eq. (4.19) for the seismic design category (SDC) 

C since typical bridges under the acceleration demands used in this study can be categorized 

TRot = 0.43 secTTrans = 0.50 sec TLong = 0.32 sec

FEM Model

• Cracked-section properties

• Moment releases at bearings

•Abutment springs
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in that SDC. It is worth noting that the SDC is for new bridges and is different that the SRC 

described in Section 4.2.1.  

   oo

L

C HxH 12.022.1)ln(32.212.0   
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o
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B
x


  

(4.19) 

Where, Ho is the column clear height in feet, Bo is the column diameter and Λ is a 

factor that accounts for the column end restraint condition, 1 for fixed-free and 2 for fixed 

top and bottom. This equation, however, was developed to represent the displacement 

capacity of well-detailed columns designed in accordance with the AASHTO design 

specifications (AASHTO, 2009). In order to overcome this problem, Imbsen (2006) 

recommended the use of equations (4.20) and (4.21) for lap-splice and poor confinement 

columns, respectively. 

 
xL

C )0013.0(0.4   (4.20) 

 
xL

C )0070.0(9.3   (4.21) 

In order to find the capacity from more refined analysis. A nonlinear static 

procedure, also referred to as pushover analysis, was performed using the expected material 

properties and the modeling guidelines contained in AASHTO (2009). Expected material 

properties can be determined by applying factors to the specified properties. Factors of 1.3-

1.5 and 1.1 are recommended in the literature for the compressive strength of concrete and 

the yield stress of steel, respectively. Expected compressive strength of 4290 psi and yield 

stress of 44 ksi were used to model the concrete and steel, respectively. The pushover 

analysis was carried out using the software SAP2000, in which potential plastic hinges were 

assigned at the top and bottom of columns in the transverse direction and only at the 
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bottom of the columns in the longitudinal direction. A schematic of the potential plastic 

hinges formed in the bent when loaded in the transverse direction is shown in Figure 4.16. 

 

Figure 4.16 Modeling approach in the transverse direction 

Plastic hinges were also defined in the cap beam, specifically in the interface between 

cap beam and column, in order to capture the low positive moment capacity caused by a 

greatly reduced area of longitudinal positive (bottom) steel reinforcement as compared to the 

negative (top) steel reinforcement. Lap splice behavior was also considered at the base of 

columns through the use of the method suggested by Priestley et al. (1996). This method 

indicates that columns with lap splices may not develop its full nominal flexural capacity (Mn) 

because splice failure mechanism inhibit yielding of the longitudinal reinforcement. Instead a 

reduced moment capacity (Ms) is achieved as shown in line 1 of Figure 4.17. In cases when 

the longitudinal reinforcement reaches yielding (line 2 in Figure 4.17), the lap splice becomes 

prone to slipping when the concrete compressive strain reaches 0.002. Thus, degradation of 

lap splice strength with increasing ductility results in a loss of moment capacity down to a 

residual value (Mr) based on axial force alone. The expected behavior of an unconfined 

section without lap splices is also depicted in Figure 4.17 as a reference. The typical MPCG 

bent used in this study presents a lap splice length of 56 inches (~40 db) and an expected f’c 

(f’ce) equal to 4.3 ksi. Results of using Eq. (2.8) lead to the conclusion that the column will be 

Rigid Link Potential Plastic
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able to develop its full nominal flexural strength. Consequently, the behavior of the plastic 

hinge at the base of the MPCG column can be modeled with line 2 as shown in Figure 4.17.  

 

Figure 4.17 Response of lap-spliced columns. Adapted from Priestley et al. (1996) 

 The pushover analysis indicated that the first plastic hinge in the transverse direction 

is generated in the cap beam followed by hinge formations at the base of the columns as 

shown in Figure 4.18. 

   

Figure 4.18 Pushover analysis of the MPCG bent in the transverse direction 

The bridge displacement capacity calculated using the aforementioned equations and 

pushover analysis are shown in Table 4.7. Comparing the demand (Table 4.6) to the capacity 
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(Table 4.7) demonstrates that the capacity of RC bents built prior 1970 is limited and may not 

satisfy the performance levels required by ODOT (2015), especially in the transverse 

direction.  

Table 4.7 Displacement capacities for the MPCG bridge bent 

Direction 
SDC C 

Eq. 
(4.19) 

Lap-Splice 
Eq. (4.20) 

Poor 
Confinement 

Eq. (4.21) 

Pushover 
SAP2000 

Transverse 3.2 in 1.0 in 1.6 in 2.5 in 

Longitudinal 6.8 in 2.8 in 3.5 in 3.8 in 

4.6.2 Multi-Column Continuous Concrete Stringer/Girder (MCCG) Bridge Bent 

Continuous concrete stringer/girder bridges are the most common type of bridge in 

Oregon (Mehary & Dusicka, 2015). These bridges consist of a superstructure that is 

monolithically casted with the substructure as shown in Figure 4.19. 

The characteristics of the representative MCCG Bridge used in this study were 

inferred from the 2010 ODOT inventory for continuous concrete stringer/girder bridges 

built prior 1970 as follows: 

 Selected from 523 Continuous Concrete Stringer/Girder bridges built prior 1970. 

 Number of spans equal to 3, since 290/523 bridges has that number of spans. 

 Number of lanes equal to 2, since 233/523 bridges has that number of lanes. 

 2 square 2 ft columns per bent 

 Longitudinal reinforcement varies: No. 10 or No. 11 

 Transverse reinforcement varies: No. 3 or No. 4 spaced 12 inches center-to-center 

 Integral or semi-integral abutments 
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(a) 

 
(b) 

Figure 4.19 Typical MCCG bridge. (a) 3D schematic, (b) Elevation 

The representative MCCG Bridge bent consists of two square columns per bent and 

a rectangular cap beam. Specified materials comprise 3.3 ksi and 40 ksi for the compressive 

strength of concrete and yield stress of steel, respectively. The column longitudinal 

reinforcing steel consists of 4 #10 rebars. Typically, #3 or #4 hoops at 12 inches on center 

were provided in columns regardless of the column cross-sectional dimensions. As a 

consequence, the provided column shear reinforcement and confinement does not meet 

current code requirements. The stirrups were anchored by 90o hooks with short extensions 

and intermediate ties were seldom used. Minimal restraint provided by the hoops can cause 

Substructure 

Superstructure 
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the longitudinal reinforcement to buckle once the concrete cover spalls. Furthermore, 

bridges built prior to 1970 have undesirable lap splices at the base of the columns. The lap 

splice detailing combined with the poor transverse reinforcing may cause reduced column 

strength and ductility, and result in rapid deterioration of flexural strength. Typical details for 

the representative multi-span continuous stringer/girder RC bridge bent are illustrated in 

Figure 4.20. 

 

Figure 4.20 Typical RC bent used in MCCG bridges 

The SAP2000 model of the representative MCCG bridge is shown in Figure 4.21. Similar 

methodology and modeling assumptions described for the MPCG bridge were used to 

determine the displacement demand (Table 4.8) and capacity (Table 4.9) of the MCCG 

bridge. The main difference in this case was the use of plastic hinges at the top and bottom 

of the columns on both directions (longitudinal and transverse) for the pushover analysis.  

Based on the results shown in Table 4.9, the displacement capacity of the bent 

obtained using pushover analysis is more than the capacity calculated for a well-detailed 

column using Eq. (4.19) for SDC C. This result is most likely caused by the low ratio of 

longitudinal reinforcement and the low axial demand (~10%f'cAg) imposed in the columns as 
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was observed during the full-scale experiments presented in Chapter 2, Section 2.11. In this 

case, the RC bent may not need to be retrofitted despite its substandard detailing.  

 

Figure 4.21 SAP2000 model of the MCCG Bridge 

Table 4.8 Displacement demand for the MCCG bridge bent 

Seismic 
Hazard 

Transverse 
(in) 

Longitudinal 
(in) 

500-year 3.2 2.2 

1000-year 4.8 2.8 

Table 4.9 Displacement capacities for the MCCG bridge bent 

Direction 
SDC C 

Eq. 
(4.19) 

Lap-Splice 
Eq. (4.20) 

Poor 
Confinement 

Eq. (4.21) 

Pushover 
SAP2000 

Transverse 5.4 in 1.8 in 2.5 in 5.8 

Longitudinal 5.4 in 1.8 in 2.5 in 6.2 

 

4.6.3 BRB Design 

In order to retrofit the substandard bridge bents shown in previous sections through 

the inclusion of buckling-restrained braces, the following considerations were made: 

TRot = 0.37 secTTrans = 0.57 sec TLong = 0.42 sec

FEM Model

• Cracked-section properties

•Abutment springs
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 The BRB length and angle are limited by the dimensions of the bridge bent under 

consideration. For the MPCG bent a span length L = 240 in and height H = 224 in 

were considered, while L=240 in and H=240 in were considered for the MCCG 

bent. Brace angles (θ) of 48 and 45 degrees were considered appropriate for the 

MPCG and MCCG bridge bents, respectively.  

  Inertial masses of 1.81 kip-s2/in and 1.24 kip-s2/in were obtained from the 

superstructure dead load for the MPCG bent and MCCG bent, respectively. 

 Response spectrums with maximum spectrum acceleration (Sa) of 0.65g with Ts equal 

to 0.49 sec for the 500-year event and 0.85g with Ts equal to 0.53 sec for the 1000-

year event were considered as shown in Figure 4.2.  

 An expected compressive strength of concrete equal to 4.3 ksi and an expected yield 

stress of 44 ksi for the steel reinforcement were considered. For the brace, a yield 

stress of 42 ksi was considered appropriate for this application.  

 The obtained as-built bent parameters from the pushover analysis were: δy
B = 0.98 in 

and ki
B = 252 kip/in for the MPCG bridge bent, and δy

B = 1.25 in and ki
B = 65 

kip/in for the MCCG bridge bent. 

Following the procedure described in Section 4.5.1, the minimum lateral stiffness of 

the BRB (Ki
BRB) was computed as 686 kip/in and 345 kip/in for the MPCG and MCCG 

bent, respectively. Thus, potential BRB designs would require a steel core area of 3.4 in2 and 

1.8 in2, and a reduced section length (Lc) of 60 in and 70 in for the MPCG and MCCG 

bridge bent, respectively. The total system demands were then calculated as: δR
500 = 0.96 in 

and 1.21 in, and δR
1000 = 1.35 in and 1.69 in for the MPCG and MCCG bent, respectively. 

Other BRB designs are also acceptable if the strength of the concrete elements is sufficient. 
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In this case, the steel core area was reduced in order to satisfy capacity checks, which 

resulted in minor inelastic excursions for the 1000-year event. Thus, following the structural 

fuse concept the target performance levels were achieved, resulting in an “Operational” 

performance level for the bridge for both seismic hazards, 500-year event as well as 1000-

year event. 

4.7 POST-EARTHQUAKE DAMAGE REPAIR OF RC BENTS USING BRBS 

Bridges are an important component of a highway network. Interruption and even 

restriction in traffic caused by excessive damage in a bridge can have severe consequences in 

the transportations services, the economic activities around the damaged area, and also in the 

prompt response of emergency vehicles to provide first aid and evacuation services in a 

timely manner. Moreover, recent earthquakes have demonstrated that damage in bridges is 

not only caused by the earthquake mainshock but also can be caused by aftershocks, which 

are a series of subsequent seismic events. 

Several investigations on damaged bridges following an earthquake have been 

conducted in an effort to develop repair techniques capable of minimizing the impact that 

the disruption of traffic may cause, provide enough capacity to sustain aftershock events, 

and enhance resiliency of the transportation network. In this study, the term repair is used to 

denote the rehabilitation of a damaged RC bent. On the contrary, the term retrofit, used in 

previous sections, refers to enhancing or upgrading an undamaged existing bent. 

Post-earthquake reconnaissance of damaged structures often reports visual damage 

that varies from minor cracks to considerable damage such as complete crushing of 

concrete, longitudinal rebar buckling and bar fracture. In general, seismic repairs in concrete 

elements depends on the severity of the reported damage. For example, in the case of RC 
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components such as columns and cap beams that bar fracture has not occurred, repair 

techniques usually involve epoxy injection into concrete cracks, remove loose concrete and 

patch spalled zones, and provide passive or active confinement through encasing the 

concrete with FRP wrapping, RC jackets, steel jackets, and prestressing strands (Chai, et al., 

1991), (Saadatmanesh, et al., 1997), (Chang, et al., 2004) (Vosooghi & Saiid Saiidi, 2013) 

(Fakharifar, et al., 2016). Once the longitudinal bar has buckled or fractured, repair 

techniques usually include the replacement of the fractured bars through the use of 

mechanical splices, reinstallation of transverse reinforcement, and enhancing the concrete 

confinement through the same methods previously mentioned (Lehman, et al., 2001), 

(Cheng, et al., 2003), (Shin & Andrawes, 2011), (He, et al., 2013).  

Here, buckling-restrained braces are analyzed as a repair measure for earthquake-

damaged RC bents. The objective of implementing BRBs in damaged RC bents is the same 

as the one described in the retrofitting case, which was limiting the damage in the main 

components of the gravity resisting system (cap beam and columns) and concentrating the 

damage and energy dissipation in the replaceable component (BRB). With that aim, the 

general repair design follows a similar procedure to the one shown in Figure 4.5 with 

modifications to steps 1 and 2 as follows: 

Step 1: Change assessment of the as-built bent for the assessment of the damaged 

structure in an effort of determining the level of damage and also the residual strength and 

stiffness of the structure. 

FEMA306 (1998) and FEMA307 (1998) suggested the use of a modified plastic 

hinge model to account for the reduced strength, reduced stiffness and the residual 

deformation of the damaged component as shown in Figure 4.22. Where, K and QCE are the 
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stiffness and strength of the undamaged component, respectively. K’ and Q’CE are the 

stiffness and strength of the damaged component, respectively. λK is a stiffness modification 

factor that accounts for change in effective initial stiffness resulting from damage, and λQ is a 

modification factor that accounts for change in expected strength resulting from damage. 

 

Figure 4.22 Modeling of damaged component. Adapted from FEMA306 

According to FEMA306 the modification factors can be stablished from 

experimental results of critical components or using the tables prescribed in the report as 

indicated in Table 4.10.  

Table 4.10 Modification factors for damaged RC components 

Mode of 
Failure 

Ductile Flexural 

Damage 
Severity 

Insignificant 
(minor cracks) 

Slight 
(crack width < ¼ 

in 

Moderate 
(spalling) 

Heavy 

λK 0.8 0.6 0.5 
Not 
used 

λQ 1.0 1.0 0.8 
Not 
used 

QCE

K’= λK·K

Deformation

Force

Residual

Deformation

Q’CE = λQ·QCE

K

Undamaged 

Component

Damaged 

Component
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Ludovico et al (2013)studied the modification factors for damaged substandard RC 

columns. In Ludovico’s study, experimental-based formulations were introduced based on 

23 experiments conducted on non-conforming (or substandard) columns with deformed 

bars and 13 with smooth bars. They proposed equations (4.22) and (4.23) for the stiffness 

and strength factors, respectively, to be used on the theoretical assessment of the residual 

capacity using pushover analyses. 

 ])/(96.001.1[1 1.1 yK    (4.22) 

  9.3/05.01  yQ   for yuy  //9.3   (4.23) 

Where θ is the peak rotation (or drift) of the component, θy is the yield rotation (or 

drift) and θu is the ultimate rotation (or drift). 

Preliminary assessment of the residual strength and stiffness of the damaged 

structure can be computed using the information presented in Table 4.10 or through 

equations (4.22) and (4.23). 

Step 2: Since the damaged RC bent has a reduced stiffness, satisfying the condition 

of limiting the maximum displacement of the repaired bent below the yield displacement of 

the undamaged RC bent for the 1000-year event is not feasible. Thus, larger inelastic 

excursions are permitted in an effort to still provide for a ductile response without 

considerably increasing the damage as shown in Figure 4.23 and expressed in Eq. (4.24). In 

this case, a factor of 2.5 applied to the yield displacement of the undamaged bent is 

recommended. Then the BRB design is reduced to iterate until the BRB stiffness is 

determined using Eq. (4.25). 
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The implementation of this repair technique is not restricted to pre-1970 bridges, i.e. 

it can be applied to any earthquake-damaged RC bent. Depending on the type of bridge and 

the abutment condition, additional repair techniques may be required in the longitudinal 

direction.  

 

Figure 4.23 BRBs as seismic repair for damaged RC bents 

4.8 SUMMARY  

The design implementation of buckling-restrained braces using a structural fuse 

concept as a transverse direction retrofit measure for reinforced concrete multi-column 

bridge bents was presented. The structural fuse design concept aims to concentrate all the 

induced-energy during an earthquake event in disposable elements, while the reinforced 

concrete bent behavior is essentially in the elastic range. Based on this retrofit strategy, case 

studies of two representative bridge bents found in Oregon were discussed. Results showed 

that by implementing buckling-restrained braces, the retrofitted and repaired bents were 
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significantly stiffer than the as-built and earthquake-damaged bent, respectively. 

Consequently, displacement demands decreased and expected or further damage in columns 

and cap beam can be avoided, which would allow the structure to achieve operational 

performance levels of response.  

Even though, the proposed design implementation was developed for a diagonal 

configuration in mind, its application can be extended to other cases.  
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5 CHAPTER 5 

EXPERIMENTAL EVALUATION 

5.1 GENERAL 

Over the years, earthquakes have exposed the vulnerability of reinforced concrete 

structures under seismic loads. The recent occurrence of highly devastating subduction zone 

mega earthquakes near instrumented regions has demonstrated the catastrophic impact of 

such natural force upon reinforced concrete structures. Typical reinforced concrete bridge 

bents constructed in the 1950 to mid-1970 in the Pacific Northwest were designed and built 

with minimum seismic considerations. This resulted in inadequate detailing within plastic 

hinge zones, leaving numerous RC bridge bents highly susceptible to damage following an 

earthquake. In order to overcome this deficiency, buckling-restrained braces have been 

proposed for retrofitting and repairing multi-column reinforced concrete bridge bents. 

This chapter focuses in the experimental results of seismic performances of 

representative half-scale bridge bents in a retrofitted and repaired state using buckling-

restrained braces in a diagonal configuration. As-built, retrofitted and repaired states were 

tested under subduction loading protocols in an effort to reflect the displacement demands 

in RC bridge bents subjected to subduction zone earthquakes. The braces were designed 

utilizing the structural fuse concept presented in Chapter 4. In this concept, the main 

structural system is integrated with sacrificial (or fuse) components in order to restrict 

damage to the primary structure imposed by a damaging earthquake. The fuse elements, 

which are the buckling-restrained braces, were designed to take the earthquake-induced 
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energy and dissipate it through nonlinear hysteretic behavior; meanwhile, the remaining 

structure is expected to behave elastically or with minor inelastic excursions. The motivation 

of this retrofit strategy for bridges is to minimize extensive damage in bents, and potentially 

satisfy serviceability criteria such that the bridges remain usable following a major earthquake 

event. 

Two BRBs, namely, BRB1 and BRB2, were designed and experimentally evaluated 

with the aim of assessing the influence of BRB stiffness on the overall performance of the 

retrofitted bent. In the case, of the repaired bent only one BRB, namely, BRB3, was studied. 

Moreover, the use of a novel gusset plate detailing is proposed to connect the BRB to the 

concrete elements.  

In addition to the RC bent tests, subassemblage tests of three buckling-restrained 

braces were conducted in an effort to study the response of these elements and allow 

potential nonlinear characterization for the analysis of the retrofitted and repaired systems.  

5.2 DESIGN OF SPECIMENS 

The experimental program consisted of two stages comprising five tests of large-

scale models of two nominally identical RC bridge bents. The first stage evaluated the 

retrofit option and consisted of three tests. Meanwhile, the repaired bent was evaluated in 

the second stage and consisted of two tests.  

In the first stage, the first two experiments consisted on studying different BRB 

designs in an effort to assess the influence of BRB stiffness on the overall structural 

performance. In the third test, the bent was evaluated in the as-built non-retrofitted 

condition but in a damaged state. In the second stage, the first experiment consisted of 
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testing the as-built bent in an undamaged state. In the second test, the cyclic performance of 

the repaired bent was evaluated. 

The performance of these specimens was intended to reveal vulnerabilities in existing 

deficient RC bents and more importantly assess the behavior of their retrofitted and repaired 

condition. 

5.2.1 As-Built RC Bent 

In order to represent a typical seismically deficient RC bridge bent, a large-scale bent 

of a representative bridge was designed, hereinafter referred to as “As-built”. The 

representative RC bent corresponded to a commonly found multi-column bridge bent 

constructed in the 1950 to 1970 in the State of Oregon, USA, as shown in Figure 4.15. As 

many of the bridge structures built at that time in the Pacific Northwest, the bridge bent was 

designed and built with minimum seismic considerations. This resulted in inadequate 

transverse reinforcement and confinement, no seismic detailing, and presence of lap-splices 

within plastic hinge zones. Similitude laws were used in order to design the large-scale RC 

bent. Table 5.1 illustrates the scaling process and includes relevant dimensions and 

reinforcement details for the test specimen. 

Two bent specimens (models), namely, As-built Bent 1 and As-built Bent 2, were 

constructed and consisted of two 18 in (457 mm) diameter circular columns per bent and a 

rectangular 18 in (457 mm) x 21 in (533 mm) cap beam as illustrated in Figure 2.2. A column 

longitudinal reinforcement ratio of ρL = 1.2%, which is just above the minimum required by 

AASHTO (ρL > 1%) (AASHTO, 2009), and a transverse reinforcement ratio of ρT = 0.2%, 

which does not meet current requirements (ρT > 0.5%), represent the same reinforcement 

ratios found in the representative bridge bent. The longitudinal reinforcement in the 
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columns consisted of 10 #5 (ϕ16mm) bars equally spaced. The transverse hoop 

reinforcement was deformed wire D5 (ϕ6.4mm) spaced at 6 in (152.4 mm) center to center. 

Lap splices were located at the base of the test specimens through the incorporation of 10 

#5 (ϕ16mm) dowels. The lap splice length was 25 in (635 mm), which corresponds to 40 

times the diameter of the longitudinal steel reinforcement (40db) and replicated the detailing 

in the representative bridge. The reinforcing steel used to construct the test specimens 

consisted of Grade 40, fy = 40 ksi (275.8 MPa), fu = 60 ksi (413.7 MPa), deformed bar 

conforming to the American Society of Testing and Materials (ASTM) designation A615. 

The transverse steel consisted of deformed wire D5 conforming the ASTM A496.  

Table 5.1 Dimension of representative bridge and test specimen. 

Parameter Prototype Specimen 
Scale 

Factor 

Column Diameter (in) 36 18 0.5 

Column Height (in) 224 112 0.5 

Beam Depth (in) 42 21 0.5 

Beam Width (in) 36 18 0.5 

Beam Length (in) 240 120 0.5 

ρLong (%) 1.2 1.2 1 

Hoop Spacing (in) 12 6 0.5 

ρTrans (%) 0.2 0.2 1 

Lap splice (db) 
db: diameter of long. 
reinforcement 

40 40 1 

Concrete cover columns (in) 2 1 0.5 

Concrete cover cap beam (in) 1.5 0.75 0.5 

Axial Load (% Agf’c) 10 10 1 

Yield stress, fy (ksi) 40 40 1 

Compressive strength , f’c (psi) 3300 3300 1 
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Figure 5.1 Geometry and reinforcement of RC Bridge bent specimens 
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Normal weight concrete was used to construct the test specimens with a target 28-

day strength (f’c) of 3.3 ksi (22.8 MPa). The concrete cover was 1 inch (25.4mm) for columns 

and ¾” (19 mm) for the cap beam. Standard compression testing of 6-inch by 12-inch 

concrete cylinders was performed at 7-day, 28 days and at the day of test completion. The 

average of the concrete cylinder tests are shown in Table 5.2. The yield (fy-me) and tensile (fu-me) 

stress, and the elongation of the reinforcing steel obtained from tensile tests are shown in 

Table 5.3. It is worth noting that the measured values of f’c-me are close to the assessment 

strengths, f’ca = 1.5f’c = 34.1 MPa (4.95 ksi), suggested by Priestley for existing bridges (1996). 

Table 5.2 Compressive strength of concrete cylinders for RC bents 

Stage Concrete Pour 

Compressive Strength (f´c), psi 

Columns 
Cap 

Beam 
Footing 

Common for 
both stages 

7 day 3961 3774  

28 day 4326 4168  

Stage 1, 
day of testing 

(Retrofit) 

Bent/BRB1 4833 4739 

4922 

Bent/BRB2 4971 4776 

As-built 1 4998 4810 

Stage 2, 
day of testing 

(Repair) 

Bent/BRB3 4906 4766 

As-built 2 4910 4768 

 

Table 5.3 Reinforcing steel properties  

Parameter 
Rebar #5 

(ϕ16mm) 

Wire D5 

(ϕ6.4mm) 

fy_me, ksi (MPa) 50 (344.7) - 

fy_me, ksi (MPa 75.8 (522.6) 537.8 (78) 

Elongation, % 17.5 6 
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5.2.2 Buckling-Restrained Braces for Retrofitted Bent 

The design of BRBs followed the procedure described in Chapter 4, which uses a 

structural fuse concept as basis for design. The structural fuse concept states that the As-

built bent would respond elastically or with minor damage under major earthquake events. 

In order to fulfill this design concept and satisfy performance criteria for existing bridges 

(FHWA, 2006), (ODOT, 2015), the BRB was designed to reduce the displacement demands 

on the As-built bent under the 500-year and 1000-year earthquake events. This reduction in 

displacement demand is a direct effect of the retrofit measure as illustrated in Figure 4.7. In 

this figure, the BRB and the As-built RC bent responses are idealized through load-

displacement curves. Relevant load-displacement parameters are the yield displacement (δy) 

and yield force (Vy) denoted by the superscripts BRB, B and R to designate the brace, As-

built and retrofitted responses, respectively. The total capacity of the retrofitted bent can be 

obtained by adding the contribution of the As-built bent and the BRB since both structural 

systems act in parallel. The design of a BRB is then reduced to iterate until the BRB stiffness, 

and consequently the BRB steel core area (Asc) and the length of the reduced section (Lc) are 

determined.  

Two BRB designs were considered in the first stage of this study in an effort to 

assess the influence of BRB stiffness on the overall bent performance. The first BRB design, 

hereinafter referred to as Bent/BRB1, was specifically designed following the structural fuse 

concept. The second model, hereinafter referred to as Bent/BRB2, was designed to reflect a 

common industry practice where the length of the BRB reduced section is equivalent to two 

thirds of the total BRB length. This resulted in a more flexible brace as compared to 

Bent/BRB1. For the brace cores, a yield stress of 44.2 ksi (305 MPa) given by the BRB 
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manufacturer (Star Seismic), a brace angle (θ) of 48.7 degrees and a BRB length of 130.625 in 

(3318 mm) were considered for this application. The Bent/BRB1 was designed for a 

response spectrum with maximum spectrum acceleration (Sa) of 0.65g with a period at the 

end of constant design spectral acceleration plateau (Ts) equal to 0.49 sec for the 500-year 

event, and 0.85g with Ts equal to 0.53 sec for the 1000-year event as shown in Figure 4.2. 

These spectrum accelerations were chosen in an effort to represent acceleration demands of 

a vast number of vulnerable bridges in the State of Oregon. The area of the BRB steel core 

within the reduced section and the length of the reduced section (Lc) for both models are 

included in Table 2.1. While both braces have the same nominal strength, the brace in 

Bent/BRB1 has the reduced section length approximately 1/3 of the brace in Bent/BRB2. 

This resulted in approximately three times the overall brace stiffness. The specified material 

properties for the restraining mechanism were steel A500-Gr B, fy = 46 ksi (317 MPa) and fu 

= 58 ksi (400 MPa), and f’c = 5 ksi (34.5 MPa) for the steel HSS and encasing mortar, 

respectively. An example of the BRBs layout used in this study is shown in Figure 5.2. 

 

Figure 5.2 Example of BRB layout 
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Table 2.1 also shows the displacement demands in the retrofitted bent. The analytical 

response for each retrofitted system is depicted in Figure 5.3. This figure shows that the 

Bent/BRB1 can achieve better performance levels than those required by ODOT (2015), 

resulting in an “Operational” performance level for both seismic hazards (500-year as well as 

1000-year events). Further, the Bent/BRB2 still satisfies ODOT requirements, which are an 

“Operational” performance level under the 500-year event and a “Life Safety” performance 

level under the 1000-year event. 

Table 5.4 Results of BRB designs for Bent/BRB1 and Bent/BRB2 

Specimen 
Steel Core 
Area (in2) 

Reduced Section 
Length (in) 

Displacement Demand 
(in) 

δR
500 δR

1000 

Bent/BRB1 1.2 30 0.5 0.7 

Bent/BRB2 1.2 88.6 0.8 1.2 

 

 
(a) 

0

20

40

60

80

100

120

0 0.5 1 1.5 2

L
at

er
al

 F
o

rc
e 

(K
ip

)

Displacement (in)

δy
BδR

500 δR
1000

Bent only

BRB only

Retrofitted

Bent

Demand on bent only

(even after conventional retrofit)
δ 500 δ 1000



 

158 

 
(b) 

Figure 5.3 Expected load vs displacement behavior of retrofitted bent specimens. 
(a) Bent/BRB1; (b) Bent/BRB2 

5.2.3 Buckling-Restrained Brace for Repaired Bent 

One BRB design (BRB3) was considered for repairing a previously damaged bent 

(As-Built 2). The design was performed following the structural fuse concept stated on 

Chapter 4. To account for the reduced stiffness and strength of the damaged bent a stiffness 

factor (λk) equal to 0.5 and a strength factor (λk) equal to 0.8 were applied to the stiffness and 

strength of the undamaged bent. These factors were assumed in an effort to represent the 

stiffness when the concrete has already spalled. For the brace, a yield stress of 43.4 ksi (299 

MPa) given by the BRB manufacturer (CoreBrace), a brace angle (θ) of 48.7 degrees and a 

BRB length of 130.625 in (3318 mm) were considered for this application. The Bent/BRB3 

was designed for the response spectrums shown in Figure 4.2. The area of the BRB steel 

core within the reduced section and the length of the reduced section (Lc) for the BRB used 

in the repaired bent is indicated in Table 5.5. The expected response for the repaired system 
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is depicted in Figure 5.4. This figure shows that the Bent/BRB2 may achieve operational 

performance level for both seismic hazard events (500-year and 1000-year events). 

Table 5.5 Results of BRB design for repaired bent 

Specimen 
Steel Core 
Area (in2) 

Reduced Section 
Length (in) 

Displacement Demand 
(in) 

δRe
500 δRe

1000 

Bent/BRB3 1.2 68.9 0.9 1.2 

 

 

Figure 5.4 Expected load vs displacement behavior of the repaired bent specimen 

5.2.4 Brace-to-Bent Connection 

A novel gusset plate to RC bent connection was developed in the experimental 

program. In this connection, the gusset plates were directly connected to horizontal RC 
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designed to allow column movement relative to the gusset plates as shown in Figure 5.5. 

This connection was utilized since previous experimental tests in steel frames have shown 
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2004). This approach also avoided potential shortening of the effective height of the 

columns. 

 

Figure 5.5  Novel brace-to-bent connection 

Any BRB to gusset plate connection need to be designed to resist the demands based 

on an adjusted brace strength as per AISC 341-10 (2010). In this study the adjusted brace 

strength in compression was computed as βωRyPysc = 76.9 kips (342 kN), where βω is an 

over-strength factor in compression; Ry is the ratio of the expected yield stress to the 

specified minimum yield stress, and Pysc is the axial yield strength of the steel core. A factor of 

1.45 for βω was used as suggested by the manufacturer, and Ry was computed as 1 since the 

value of Pysc was established using the yield stress directly measured from a steel coupon. The 

limit states that were checked for the design of the gusset plates according to AASHTO 

(2009) and AISC, Section J (2010) are: tensile yielding of Whitmore section, tensile rupture 

of Whitmore section, block shear in tension, buckling in compression, yield moment 

strength, plastic moment strength, weld/bolts for gusset-to-brace connection, slip critical 

connection, and buckling of unsupported edges. Six 7/8 in (ϕ22mm) high strength Group A 

(ASTM A325) bolts were used in the BRB-to-gusset connection. For the bolted connection 

the shear and the slip-critical capacity were compared to the adjusted demand as follows: 
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The reduced shear strength (ϕRnv) of six 7/8 in Group A bolts is given by Eq. (2.1) 

(ANSI/AISC 360-10, 2010).  

 OKkipskipsnAFNR sbnvboltsnv 7729275.0   (5.1) 

Where Nbolts is the number of bolts used in the connection; Fnv is the nominal shear 

stress that for Group A bolts when the threads are not excluded from shear planes is equal 

to 54 ksi; Ab is the nominal area of bolt; and ns is the number of shear planes that in this case 

was equal to 2. The results show that the shear capacity of the bolts vastly exceeds the 

demand on them. 

The slip-critical strength for the same group of bolts is given by Eq. (5.2) 

(ANSI/AISC 360-10, 2010). 

 OKkipskipsnThDNR sbfuboltsslipn 77159    (5.2) 

Where μ is the mean slip coefficient that for Class A surfaces is equal to 0.30; Du is a 

multiplier (1.13) that accounts for the difference between the mean installed bolt pretension 

and the specified minimum bolt pretension; hf is a factor that reflects the use of fillers that 

for two or more fillers is equal to 0.85 and the other cases equal to 1.0; and Tb is the 

minimum fastener pretension that for 7/8 in bolts is equal to 39 kips. The demand-to-

capacity ratio for the slip-critical connection was 0.49.  

In the gusset plates, steel ASTM A572 Gr50 with a thickness of 5/8 inches was 

considered appropriate for this application. The demand-to-capacity ratios of the limit states 

required by AASHTO and AISC are indicated in Table 5.6, which shows that a conservative 

design was done in order to prevent any failure in the connection. Moreover, in order to 

prevent buckling, the maximum length of any free edge (Lfg) was computed using Eq. (5.3) . 
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Where, E is the modulus of elasticity of steel (29000 ksi), fy is the yield stress (50 ksi), and t is 

the plate thickness. 

 int
f

E
inL

y

fg 1175.0)(   (5.3) 

Table 5.6 Capacity-to-demand ratios for the gusset plate 

Limit State Capacity (kips) Demand (kips) Ratio 

Bolt Bearing 442 77 0.17 

Block shear 244 77 0.32 

Whitmore section 272 77 0.28 

Buckling  251 77 0.31 

 

Post-installed adhesive anchors were designed for connecting the gusset plate to the 

concrete elements. The design forces were obtained from the adjusted brace strength and 

the corresponding gusset plate free body diagram as shown in Figure 5.6. Tensile and shear 

strength were considered in the connection design according ACI318-11, Appendix D 

(2011). The shear-tension interaction for the post-installed adhesive anchors using the 

trilinear interaction approach was 1. The anchor rod design was also checked using the free 

software Profis developed by Hilti as shown in Figure 5.7.  

 

Figure 5.6  Free body diagram used in the design of the gusset plate-to-bent connection 
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Figure 5.7  Anchor rods design example (top connection) 

The retrofit design resulted in a unique steel-concrete retrofit connection that did not 

rely on an additional steel frame. Figure 5.8 and Figure 5.9 show the layout of the base and 

top connection, respectively. Figure 5.10 shows the connection as implemented in the 

experimental program. 

 

Figure 5.8 Detailing of base connection 
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Figure 5.9 Detailing of top connection 

  
 (a) (b) 

Figure 5.10 Gusset plate connection. (a) Base; (b) Top 

W.P

1"

TOP CONNECTION LAYOUT

PL 1"

6"

21
2"

4
 @

 5
1 2
"

51
2"

SYM.

Stiffener 12"

 15/16"

SECTION B - B

2 @ 3"

26"

15 7
32

"

615
16

"

Anchor Rods  7/8"

Gusset Plate 58"

627
32

" 1 1
16"

DETAIL DIMENSIONS

WELD

3
8

3
8

1
2

1
2

101
2"

BB

 15/16"

Oversize Holes

 1 1
16"

21
2"

11
2"

1
2

1
2

Existing RC Column

11
2"

2"

161
2"

1
2"

41
2"

8
7

32
"

Existing RC Beam



P



 

165 

5.3 EXPERIMENTAL LAYOUT 

A schematic representation and the actual test setup are shown in Figure 5.11. The cyclic 

lateral loading was applied through a horizontal hydraulic actuator capable of applying a 

maximum load of ± 220 kips (± 979 kN) with a maximum stroke of ± 10 inches. The 

actuator was controlled through a MTS FlexTest controller. The actuator was attached to a 

steel connector beam at the bent cap level. The connector beam was linked to end plates on 

the other side of the cap beam through the use of high strength rods that were not 

tensioned, but instead used to apply the reversing load on the opposite side of the bent. The 

lateral force was applied under displacement control and load cells were used to monitor the 

applied lateral load during testing. To simulate the superstructure dead load on the columns, 

a constant load equal to 10% of the nominal column axial capacity (0.10f’cAg = 84 kips, 373.5 

kN) was applied through two high-strength rods and hydraulic rams. The application of this 

axial load was performed after the BRB and all the instrumentation were installed. The 

gravity load was continuously monitored throughout the testing using load cells located on 

top of the rams. A six degree of freedom (6DOF) load cell was integrated at mid-span of the 

cap beam in order to directly measure the internal forces that were transmitted from one side 

of the bent to the other, and thereby allow for indirect calculation of the internal loads 

within the bent, including the axial force in the BRB. In order to prevent out-of-plane 

displacements of the RC bent a restraining system was implemented through two HSS steel 

sections pin connected on one side to the cap beam and on the other to a horizontal steel 

beam as shown in Figure 5.12. The RC footing was secured to the laboratory floor with 

post-tensioning rods. Test setup details are depicted in Figure 5.13. 
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Figure 5.11 Schematic and actual of test setup configuration 

  

Figure 5.12 Out-of-Plane restraining system 
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Figure 5.13 Test setup and instrumentation on RC bent  
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5.3.1 Instrumentation 

In order to analyze the response of the specimens, the bents were fully instrumented 

via linear variable displacement transducers (LVDTs), string pots, strain gauges, and load 

cells. 

LVDTs were utilized to measure relative displacements and rotations, namely, top 

displacement of bent through the use of a string pot located at mid-height of the cap beam 

(3112 mm, 122.5 in), curvature of columns and beams through the use of displacement 

transducers located at the base and top of columns, and top and bottom of beam, rotation 

and slippage of foundations through the use of three LVDTs on each footing, and 

elongation of the BRB through the use of four displacement transducers located on opposite 

sides of the BRB as shown in Figure 5.13. Additional LVDTs (not shown in Figure 5.13 for 

clarity) were also installed in the gusset plate to measure, namely, the slippage between brace 

and gusset plate, rotation of the gusset plate, and slip between the gusset plates and the RC 

elements as depicted in Figure 5.14. 

 

Figure 5.14 Additional instrumentation on brace-to-bent connection  

Strain gauges were used to measure strains at specific locations within the specimens 

as shown in Figure 5.15. A total of 90 strain gauges were installed on each bent: 8 strain 
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gauges in the dowels embedded in the footing, 24 in the column dowels, also referred to as 

starter bars, 48 in the longitudinal reinforcement of the columns, 4 in the transverse 

reinforcement of the columns, 4 in the cap beam, and 2 in the gusset plates. Strain gauges in 

the RC bent were placed at expected plastic hinge zones of columns and cap beam. 

Installation of strain gauges was performed prior to the placement of the concrete as shown 

in Figure 5.16. 

 

Figure 5.15 Location of strain gauges  
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 (a)  (b) 

Figure 5.16 Installation of strain gauges. (a) Strain gauges on longitudinal reinforcement and dowel, 
(b) Strain gauges with protective coating. 

Load cells were used to measure the load transferred to the specimen. The load cells 

used in this study comprise a load cell located in the actuator to monitor the applied lateral 

load during testing; four load cells with a capacity of 100 kips in compression to monitor the 

application of axial load as shown in Figure 5.17; and a six degree of freedom (6DOF) load 

cell integrated at mid-span of the cap beam in order to directly measure the internal forces 

that were transmitted from one side of the bent to the other. The 6DOF load cell had an 

axial capacity of 500 kips, shear capacity of 350 kips, and a moment capacity of 1500 kip-in. 

Figure 5.18 shows the load cell used in this study. 

 

Figure 5.17 Load cells to monitor axial load 
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Figure 5.18 6-DOF load cell used in the experimental program 

All test data from LVDTS, load cells and strain gauges was collected using two 

National Instrument Data Acquisition Systems (DAQs) connected to a terminal computer. 

Data were displayed and recorded using the software LabView from National Instruments.  

5.3.2 Construction Sequence 

The sequence of construction for the RC bents is depicted in Figure 5.19. Existing 

rectangular footings were used in the experimental program. For that reason, in order to 

install No. 5 dowels into the footings, holes were drilled and epoxy adhesive, Hilti RE-500 

SD, was used as shown in Figure 5.19(a). Dowels were embedded 13 inches into the footing 

in an effort to develop the maximum tensile strength of the bars. After the dowels were 

installed, the longitudinal reinforcing steel and the circular hoops were tied as shown in 

Figure 5.19(b). Once the steel cages for the columns were completed and strain gauges 

installed, 18 in diameter Sonotubes were utilized as formwork. Sonotubes were braced 

together in order to restrict any movement during the concrete pour as shown in Figure 

5.19(c). Four columns were pour using the same day and batch of concrete. Once the 

columns were built, they were put in position, steel cages for the cap beams were assembled, 
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cap beam formwork was built, and concrete was poured as shown in Figure 5.19(d), (e), (f) 

and (g), respectively.  

Gusset plates were installed using post-installed anchors as shown in Figure 5.20. 

The braces were installed using an overhead crane and a system of pulleys as shown in 

Figure 5.21. The braces were connected to the gusset plates through eight high strength 

bolts. The turn-of-the nut method was followed to tight the bolts and allowed for a slip-

critical connection. 

  
 (a) (b) 

  
 (c) (d) 

  
 (e) (f) 
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(g) 

Figure 5.19 Construction sequence of RC bents 

 

Figure 5.20 Post-installed anchors for gusset plates 

 

Figure 5.21 BRB installation 

5.4 CYCLIC LOADING HISTORY 

Loading of the test specimens was quasi-statically applied using cyclic loading aiming 

to reflect subduction zone earthquake demands as discussed in Chapter 2. The deformation 
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cycles were determined through analyses of structural response to subduction earthquake 

records. For the retrofitted specimens the loading protocol corresponded to target 

displacement ductility (μ) 8 and fundamental period of 0.2 sec. This period was found to be 

representative of the retrofitted condition because the inclusion of the BRB increases the 

overall transverse system stiffness, which in turns shortens the fundamental period of the 

structure. The loading protocol was expected to subject the Bent/BRB systems to 

cumulative inelastic deformation of 437 times the yield deformation (δy). This cumulative 

inelastic deformation was calculated following the section K3 of the Seismic Provisions of 

AISC 341-10 (2010). This value of cumulative inelastic deformation is greater than twice of 

that required in cyclic test for qualification of BRBs, which requires a cumulative inelastic 

deformation of at least 200δy (AISC 341-10, 2010). For the As-built specimen the loading 

protocol was adjusted to correspond to structures with fundamental period of 0.5 sec, which 

is more representative of highway bridges with unbraced multi-column bents. For the 

repaired bent was assumed that the stiffness of the damaged structure would be restored. 

Therefore, the loading history for structures with fundamental period of 0.5 sec was also 

used for the repaired bent. 

The resulting horizontal displacements were applied based on a pattern of 

progressively increasing cycles, referenced to the horizontal displacement to cause yield as 

shown in Figure 5.22. The system displacement ductility was defined as μ=δ/δy, where δ is 

the top lateral displacement at a specific cycle and δy is the yield displacement of the system. 

The nominal yield displacement was initially calculated from material properties for all the 

specimens and the corrected on each test. Failure was considered at a point when lateral load 

degraded by 20% relative to the peak recorded load. 
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   (a)      (b) 

Figure 5.22 Cyclic loading histories. (a) Retrofitted bents, (b) As-built and repaired bents. 

5.5 FIRST STAGE – EXPERIMENTAL EVALUATION OF RETROFITTED BENT 

The first stage of the experimental program consisted of evaluating the feasibility of 

using BRBs as a retrofit measure for RC bents. The test sequence comprised testing a RC 

bent retrofitted with a BRB specifically designed using the structural fuse concept, referred 

to as Bent/BRB 1, and a second BRB, referred to as Bent/BRB 2, designed to reflect typical 

design dimensions for BRBs. Finally, a third test was conducted in the as-built non-

retrofitted condition, referred to as As-built Bent 1. 

5.5.1 Cyclic Behavior and Damage Progression 

The experimental outcomes are discussed with reference to global and local 

behavior.  

5.5.1.1 Retrofitted Bent/BRB 1 

The buckling-restrained brace used in Bent/BRB1 was designed following the 

structural fuse concept, which resulted on limiting the displacement of the bent to 0.7 in 

under the 1000-year event in order to prevent significant yielding of the cap beam and 

columns. This design resulted in a considerable stiff BRB as shown in Figure 5.23. 
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The recorded lateral load-deformation behavior for this specimen shown in Figure 

5.24 indicates ductile behavior and high energy dissipation via non-degrading hysteretic 

cycles. Bent/BRB1 exhibited ductile behavior up to ductility 8, which was the maximum 

ductility considered in this case. The nominal yield displacement of the brace was computed 

as 0.07 in (1.8 mm). However, this yield displacement was corrected during the test to 

represent the first significant change in slope of the load-deformation curve in an effort to 

adjust for the actual response of the test specimen. The experimental yield displacement 

depicted in Figure 5.24 was 0.085 in (2.2 mm), which is a 22% increase with respect to the 

nominal value. 

 

Figure 5.23 Bent/BRB 1 

The first horizontal crack of width less than 0.05mm was observed following a cycle 

excursion to a displacement of 0.25 in (6.35 mm), which corresponded to a lateral load of 79 

kips (351 kN). The influence of cracking can also be observed in Figure 5.24 through the 

change in slope of the load-deformation curve. The peak lateral load was 113 kips (503 kN) 

and occurred at a lateral displacement of 0.67 in (17 mm). First yield of the columns 

occurred at a system ductility of 6.5, which is equivalent to a displacement of 0.56 in (14.2 
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mm). This value was inferred by comparing the nominal curvature at first yield to curvature 

values calculated from the displacement transducers located at the base and top of columns 

and also using strain gauge measurements. Despite of the first yield of the bent, the 

specimen did not exhibit a decrease in lateral strength.  

At the end of testing, only horizontal hairline cracks of maximum width 0.05mm 

were observed at the base and top of columns as shown in Figure 5.25. This result 

demonstrated that a well-designed BRB limits the displacement of the RC bent, prevents 

significant yielding of the columns or damage in the beams and still provides a ductile 

response. Inspection of the gusset plates, which was conducted following the removal of the 

BRB, did not reveal any damage, showing the potential replaceability of the BRB after a 

major seismic event. 

 

Figure 5.24 Hysteretic response of Bent/BRB 1 
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Figure 5.25 Damage in Bent/BRB 1 

5.5.1.2 Retrofitted Bent/BRB 2 

The brace for Bent/BRB2 was designed following a typical approach of BRB design, 

which considers a reduced section (Lc) equal to two thirds of the brace length. Since the BRB 

was intentionally not designed for targeting a specific performance level, the brace was more 

flexible than that used in Bent/BRB1 as shown in Figure 5.26. 

 

Figure 5.26 Bent/BRB 2 
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The lateral load vs. deformation hysteresis curve shown in Figure 5.27 indicates 

ductile behavior and high energy dissipation up to a ductility value of 4.2, which is equivalent 

to a displacement of 1.22 in (33 mm). The nominal yield displacement of the BRB was 

calculated as 0.20 in (5.2 mm) and the experimental one was 0.29 in (7.3 mm), which is a 

40% increase with respect to the nominal value. First yield of the column occurred at a 

ductility of 1.9 or a displacement of 0.56 in (14.2 mm). This value was indirectly obtained 

using curvature values calculated from the displacement transducers located at the base and 

top of the columns and compared to the strain gauge measurements. The effective yield of 

the RC bent occurred at a ductility of 2.5 or a displacement of 0.73 in (18.5 mm). The 

effective yield was assumed at the occurrence of change in slope of the load-deformation 

curve as depicted in Figure 5.27. This effective yield displacement is important to be 

computed since it is required in bridge codes, such as AASHTO (2009), to compute the 

displacement ductility of the RC bent and to check ductility requirements for seismic design 

category (SDC) D. The effective yield is commonly larger than the first yield in flexure 

because of the additional displacement caused by reinforcing bar slip and shear. 

As the progressively increasing displacements were applied, the lateral load increased 

up to 104 kips (463 kN) for the brace compression direction. From that displacement 

forward, the specimen exhibited a significant decrease in lateral strength during the 

compression half-cycles. As was found later, buckling of the steel core likely started 

developing at this point giving place to fracture of the steel core once the BRB was 

tensioned after a cycle in compression as shown in Figure 5.27. Once the BRB failed, most 

of the load capacity was resisted by the RC bent, with a small contribution from the BRB. 
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The peak lateral load for this retrofitted bent was 114.9 kips (511 kN) and occurred at a 

ductility of 4 or lateral displacement of 1.18 in (30 mm). 

 

Figure 5.27 Hysteretic response of Bent/BRB 2 

Regarding damage progression, horizontal cracks formed throughout the expected 

plastic hinge zones of the columns as shown in Figure 5.28 and progressed in length and 

width. At the end of testing, crack width measurements registered maximum horizontal 

crack width of 0.4mm and vertical cracks width less than 0.6mm. The horizontal cracks were 

located at the ends of the columns and the vertical cracks were measured in the cap beam in 

areas of negative moment. Minimal spalling of concrete at the base of the columns was also 

observed as illustrated in Figure 5.28. The crack widths along with observed spalling of 

concrete indicated that both columns and beams reached significant inelasticity during this 

test. These results showed that a BRB designed without explicitly considering the fuse 

concept can still provide moderate ductility and energy dissipation without significant 

damage on the RC bent. However, this BRB did not prevent yielding of columns and cap 

beam, the latter not being desirable and not being permissible without additional retrofit for 
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an earthquake-resisting system according to AASHTO (2009). Further inspections after 

removing the BRB from the RC bent showed that the gusset plates did not exhibit any 

damage, thereby allowing an expedited replacement of the brace after a damaging seismic 

event. However, due to the damage in the cap beam, other repairs may be needed before the 

BRB can be replaced. 

      
 (a)     (b) 

Figure 5.28 Damage in Bent/BRB 2. (a) Horizontal cracks, (b) Spalling of concrete 

5.5.1.3 As-built Bent 1 

The recorded lateral load-deformation behavior for the As-built Bent 1 is shown in 

Figure 5.29. The peak lateral load was 70 kips (311 kN) and occurred at a lateral 

displacement of approximately 2.45 in (62 mm). The yield displacement values are depicted 

in Figure 5.29. 

The initial damage consisted of horizontal cracks that were propagated throughout 

the height of the expected plastic hinge zones to give place to spalling of concrete in early 

stages of the cyclic sequence. Vertical cracks in the bent beam increased in width up to 0.8 

mm. Through visual inspection, buckling of the first rebar was observed in the column at a 

ductility of 4.8 or an equivalent displacement of 3.51 in (89 mm) as depicted in Figure 5.29. 
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Figure 5.29 Hysteretic response of As-built Bent 1 

The ultimate mode of failure was crushing of concrete and extensive buckling of the 

longitudinal reinforcing steel. Crushing of the concrete at the base and top of the columns 

began due to flexural deformations, exposing the column reinforcement. Once the concrete 

cover was lost, the longitudinal bars and dowels in those regions began to buckle and finally 

fracture as shown in Figure 5.30. No diagonal shear cracks were observed on the specimens. 

The As-built RC bent was able to attain a ductility of 6.7 or an equivalent displacement of 

4.92 in (125 mm) before the load at reversal dropped below 80% of the peak load. Despite 

the design deficiencies of the As-built RC bent, namely, lap splices at the base of columns, 

low ratio of transverse reinforcement and no seismic detailing, this bent exhibited a 

moderately ductile behavior and energy dissipation. 

-167 -111 -56 0 56 111 167

-90

-60

-30

0

30

60

90

-400

-300

-200

-100

0

100

200

300

400

-9 -6 -3 0 3 6 9

Displacement (mm)

(K
ip

)

L
a

te
ra

l 
L

o
a

d
 (

K
N

)

Displacement Ductility (μ)

First Yield

Effective Yield

Buckling (rebar)

(+) δ(-) δ



 

183 

 
(a) 

     
 (b)  (c)  

Figure 5.30 Damage in As-built Bent 1; (a) Overall damage, (b) Buckling of steel, (c) Rupture of steel 

5.5.1.4 Buckling-Restrained Brace (BRB) Component Response 

The elongation of the BRB was measured via four LVDTs. Two of them measured 

the relative displacement between the steel core and the steel casing at the top and bottom 

connections, referred to as Top and Bottom elongations. The other two, referred to as West 

and East, were located on the sides of the brace to measure the total elongation. The brace 

elongation for the Bent/BRB 1 and Bent/BRB 2 are shown in Figure 5.31 and Figure 5.32, 

respectively.  
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 (a) (b) 

Figure 5.31 BRB elongation in Bent/BRB 1. (a) Top and Bottom, (b) West and East 

  

Figure 5.32 BRB elongation in Bent/BRB 2. (a) Top and Bottom, (b) West and East 

Comparing the top elongation to the bottom elongation, it can be observed that 

inelastic deformation demands were mostly concentrated at the top of the BRB, i.e. at the 

connection with the cap beam. This behavior was critical for the Bent/BRB 2, in which the 

top elongation was up to 20 times greater than the bottom elongation. As a result, the brace 

failed at the top part at an elongation of 0.78 inches. The elongation at rupture was lower 

than the expected elongation since according the BRB design the brace should have attained 

a maximum elongation of 1.78 inches. The unsatisfactory behavior of the BRB in the 

Bent/BRB 2 system was attributed to the poor confinement of the brace within the 

transition section (Ltr).  
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The BRB axial response was indirectly obtained using the measurements from the 

6DOF load cell, which was located at mid-span of the beam, the load cells located on top of 

the rams, and the corresponding free body diagrams. In order to resolve the brace axial 

force, shear and moment in the BRB were assumed to be negligible. BRB response envelope 

during the Bent/BRB1 and Bent/BRB2 test is illustrated in Figure 5.33(a) and Figure 

5.33(b), respectively. 

The numerical response was computed from using material properties and an over-

strength factor (βω) of 1.45 for compression and 1.3 for tension (ω) at 15 times the yield 

elongation, a convenient bi-linear approximation suitable for design as shown in Figure 4.11. 

Numerical yield elongations of 0.046 in (1.2 mm) and 0.14 in (3.4 mm) were used for 

Bent/BRB1 and Bent/BRB2, respectively. Actual yield elongations were computed as 0.056 

in (1.4 mm) for Bent/BRB1 and 0.19 in (4.9 mm) for Bent/BRB2. The actual yield 

elongations were calculated by converting the yield displacement on the retrofitted system to 

elongation in the BRB. This was done by multiplying the yield displacement by cosine of θ. 

Comparison of the inferred envelopes and the numerically obtained bi-linear responses in 

Figure 5.33 shows that the numerical approximations fit well with the experimental curves in 

the elastic region. Once the BRB yielded, the experimental values exceeded the numerical. 

The greater experimentally obtained values of axial load in the post-yield range are likely due 

to the assumptions made in indirectly obtaining the axial load in the first place. 
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(a) 

 
(b) 

Figure 5.33 Buckling-restrained brace response. (a) Bent/BRB 1; (b) Bent/BRB 2 

The axial strains in the steel core can be estimated by assuming that all the 

elongation/contraction is concentrated within the reduced section (yielding core) and the 

deformations in the elastic components are negligible. The estimated maximum axial strains 

of the steel core at the end of the tests were computed dividing the maximum elongation by 

the reduced section length, and were approximately 1.5% for both BRBs. This value of 
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estimated axial strain is less than the maximum axial strain (2%) recommended for the 

design of BRBs (AISC 341-10, 2010), (Lopez & Sabelli, 2004). 

Following the tests, the braces were deconstructed in order to observe any internal 

damage. Figure 5.34(a) shows the deformations of the steel core of Bent/BRB1, in which 

minor damage in the intersection between the transition section (Ltr) and the reduced section 

(Lc) can be seen. This damage was attributed to high stress concentrations from changing the 

cross sectional shape of the steel core. This minor damage in the steel core showed that even 

though the Bent/BRB1 attained a highly ductile behavior, the brace still had remaining 

deformation capacity. This capacity is vital in cases when the seismic event exceeds the 

demands considered in the design process or for resisting strong aftershocks. 

The damage presented in the steel core of Bent/BRB2 is shown in Figure 5.34(b). 

The fracture of the steel core occurred in the transition section between the non-yielding and 

the reduced section of the core. This mode of failure was attributed to poor confinement in 

the transition section (Ltr) within the brace and to the uneven deformation demands 

measured for the top and bottom of the brace as stated previously. The fracture of the steel 

core occurred at an elongation of 0.78 in (19.8 mm), which represents an estimated axial 

strain in the BRB core of 0.88 %. The fracture of the steel core was unexpected since this 

brace followed the typical design dimensions for BRBs.  

The contribution of the BRB at the peak load of the retrofitted system was 47% and 

40% for Bent/BRB1 and Bent/BRB2, respectively. This result showed that almost half of 

the system maximum lateral load was resisted by the BRB. 
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(a) 

  
(b) 

Figure 5.34 Damage in BRBs. (a) BRB 1; (b) BRB 2 

5.5.1.5 Columns Component Response 

The internal axial loads in column 1 (C1) and column 2 (C2) were calculated by 

adding the load cell measurements of dead load located on top of each column, the shear 

measurement of the 6DOF load cell located at the mid-span of the cap beam, and 

decomposing the axial load contribution from the BRB in the retrofitted case. The internal 
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axial loads in C1 and C2 for Bent/BRB1, Bent/BRB2 and As-built bent are shown in Figure 

5.35(a), (b) and (c), respectively. 

(a) 

(b) 

(c) 

Figure 5.35 Internal column axial load. (a) Bent/BRB 1; (b) Bent/BRB 2; (c) As-built Bent 1. 
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From these figures, two effects of the BRB in the column axial load can be observed. 

First, the influence of the BRB on C1 is negligible as compared to the As-built condition. 

This behavior is due to the bottom connection itself. Since the brace is connected using a 

gusset plate that is only connected to the footing all the axial load is transferred directly to 

the foundation. This has positive implications on the axial load in the columns since the 

forces are similar to the As-built condition. However, its implications in the foundations 

need to be considered as part of the retrofit. On the contrary, the axial load in C2 is directly 

affected by the inclusion of the BRB since the axial load in the BRB is decomposed into an 

additional axial load in that column. This can be seen in an increase in peak compression 

load in positive displacement in about twice the axial load for the Bent/BRB1 and 120% for 

the Bent/BRB2 as compared to the As-built case. In negative displacement direction, the 

opposite occurs since the change of loading direction reduces the compression in C2 to 

approximately 80% for the Bent/BRB1 and 70% for the Bent/BRB2 with respect to the As-

built value at the same displacement. The effect of axial loading in columns due to the 

inclusion of BRBs is of crucial importance in the retrofitting of existing structures since the 

change in axial load needs to be accounted for in the design and will affect the subsequent 

assessment and retrofit of the various components. 

5.5.1.6 Plastic Hinge Damage 

Plastic hinge damage of the As-Built bent is shown in Figure 5.36 and Figure 5.37 for 

columns and cap beam, respectively. As described in the response of the As-built bent, the 

first longitudinal bar buckled at a ductility of 4.8 after 37 cycles following the first yield 

displacement. At progressing cycle increments of displacement ductility more longitudinal 

reinforcing bars buckled at the column top and dowels buckled at the column base. The first 
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dowel in column 2 fractured during the cycle at ductility 6.6. After the first dowel fractured, 

crushing of concrete extended into the core during the remaining cycles as shown in Figure 

5.36(a), (b), (c) and (d) for the base of column 1, top of column 1, base of column 2, and top 

of column 2, respectively. This type of failure has been typically observed in experimental 

studies (McLean, et al., 1998) and post-reconnaissance damage of bridges after major 

earthquakes (Kawashima, et al., 2011).  

In order to compare the plastic hinge length (Lp) with the extent of damage in the 

plastic hinge region, an approximate plastic hinge length (Priestley, et al., 1996) was 

calculated as: 
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 (5.4) 

Where, H is the column height, fy-me is the measured yield stress of the reinforcing 

steel, and db is the diameter of the longitudinal reinforcing steel. The point of moment 

contra-flexure was assumed to occur at mid-height of the column for purposes of calculating 

the plastic hinge length. The plastic hinge length using Eq. (5.4) was 9.4 in (239 mm). 

Although, that equation provides a fictitious length for analytical purposes, the analytical 

plastic hinge is in agreement with the observed extent of damage at the end of testing, in 

which plastic hinge lengths of 9 in (229 mm) to 10 in (254 mm) were observed as shown in 

Figure 5.36. The top of column 2 exhibited more localized damage as shown in Figure 

5.36(d). This damage was likely the consequence of greater axial forces in column 2 as shown 

in Figure 5.35(c). 



 

192 

   
 (a)  (b) 

   
 (c) (d) 

Figure 5.36 Plastic hinge damage in columns. (a) C1-Base; (b) C1-Top; (c) C2-Base; (d) C2-Top 

Figure 5.37 depicts significant damage in the cap beam indicating that a plastic hinge 

also formed in the cap beam; furthermore, this figure also shows diagonal cracks in the cap 

beam-column joint that indicate some level of flexural-shear damage caused by high shear 

stresses acting at the joint boundary and the poor detailing of the joint. This result is of 

significance since both retrofitted bents limited the formation of plastic hinges in not only 

the columns but also in the cap beam, potentially reducing the need for retrofit of these 

components when the BRBs are implemented. 
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Figure 5.37 Plastic hinge damage in cap beam 

5.5.2 Bent and Components Ductility 

Displacement ductility (μ) was defined as the ratio of the top lateral displacement at a 

specific cycle to the top displacement at a reference yield displacement. The reference yield 

can be calculated as the nominal yield or measured from the experiments.  

5.5.2.1 Nominal Bent Yield Displacement 

Nominal yield displacements for Bent/BRB1 and Bent/BRB2 were computed 

converting the nominal yield elongation of the BRB to top lateral displacement. This 

calculation was done dividing the elongation (Δy) by cosine (θ) as shown in Figure 4.12. For 

the RC bent the nominal yield displacement was computed herein using the approximated 

yield displacement (δy) defined by Priestley (2007), which neglects shear deformations and in 

which strain penetration is included by increasing the effective height of the column through 

the use of a fictitious length Lsp. Thus, the nominal yield displacement for the As-built bent 

is calculated using equations (5.5) to (5.7). 
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(5.7) 

Where εy is the yield strain of the longitudinal reinforcement, D is the column 

diameter and ϕ y is the effective yield curvature. Summary of the nominal yield displacements 

are provided in Table 5.7 for all the bents. As expected, the nominal yield displacement for 

the Bent/BRB2 is almost three times greater than the value for the Bent/BRB1 since the 

BRB used in Bent/BRB2 was more flexible. 

5.5.2.2 Measured Curvatures and Yield Displacements 

Actual yield displacements for the retrofitted specimens, Bent/BRB1 and 

Bent/BRB2, were obtained using the experimentally inferred yield elongation of the brace. 

The corresponding displacement ductilities were computed using the actual yield 

displacements. Curvature profiles were used to obtain the first yield displacement of the RC 

bent and are presented in Figure 5.38 for columns and Figure 5.39 for the cap beam at three 

different displacement ductilities. First yield curvature values of ϕ yc = 1.58e-4 rad/in (0.0062 

rad/m) for columns and ϕ yb = 1.6e-4 rad/in (0.0063 rad/m) for the cap beam were used. 

These values were computed using moment-curvature relations and are represented by 

vertical dashed lines in Figure 5.38 and Figure 5.39 for columns and beam, respectively. 

The column curvatures were calculated using the displacements measured by the 

displacement transducers located at the base and top of the columns. Similarly, the beam 

curvatures were calculated using the displacement transducers located on top and below the 

cap beam. Curvatures that in this case represent the average curvature along the vertical 
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distance between the transducers were derived from rotation, which was computed by 

dividing the algebraic summation of the relative displacements between opposite transducers 

at the same height to the horizontal distance between them. The curvatures for the 

Bent/BRB1 are considerably lower than for the other two tests due to the smaller imposed 

displacements. The average curvatures for Bent/BRB1 in columns and cap beam were 

smaller than the calculated yield curvature. This result shows that a BRB designed specifically 

for achieving performance targets can indeed limit the displacements and damage of the bent 

and still provide a ductile response of the structure. An exception can be seen at the column-

footing and column-beam interface, where additional deformations caused by longitudinal 

reinforcement bond slip resulted in the average column curvatures to be larger than at other 

locations. For Bent/BRB2 as well as the As-built bent, both column and beam curvatures 

exceeded the computed yield values throughout the plastic hinge zone, which means that 

during those tests both columns and beam reached yielding. The beam yielding can be seen 

in Figure 5.39(b) for the Bent/BRB2 where a change in slope occurred at the exact location 

of the computed first yield in both directions of loading. Moreover, majority of the 

curvatures measured in the As-built bent were larger than the nominal first yield. 

The displacement ductility for the As-built bent was computed using an effective 

yield displacement, which was assumed at the occurrence of change in slope of the load-

deformation curve as depicted in Figure 5.27. Values of yield displacement and final 

displacement ductility are summarized in Table 5.7. Comparison of the RC bent nominal 

yield displacement and the effective displacement shows that the RC bent has a larger actual 

yield displacement. This result is due to the fact that shear deformations were neglected in 
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the computation of the nominal yield displacement and due to an underestimation of rebar 

slip effects in the column-footing and column-beam interface. 

 
(a) 

 
(b) 

 
(c) 

Figure 5.38 Average curvature profiles in columns. (a) Bent/BRB 1; (b) Bent/BRB2;  
(c) As-built Bent 1. 
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(a) 

(b) 

(c) 

Figure 5.39 Average curvature profiles in cap beam. (a) Bent/BRB 1; (b) Bent/BRB2; (c) As-built 1. 
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Table 5.7 Displacement ductility of retrofitted bents 

Test 

Nominal 

yield 

in (mm) 

Measured first 

yield 

mm (in) 

Effective yield 

mm (in) 

Max. 

Displacement 

ductility (μ) 

Bent/BRB 1 0.069 (1.8) 0.085 (2.2) 0.085 (2.2) 8.0 

Bent/BRB 2 0.205 (5.2) 0.29 (7.4) 0.29 (7.4) 7.0 

As-built Bent 1 0.53 (13.4) 0.56 (14.2) 0.73 (18.5) 6.7 

 

The displacement ductility in the As-built test at the point of failure, which was 

defined as the point when the strength degraded more than 20%, was μ = 6.7. This 

moderate ductility value was partially caused by the low column axial loads that prevented 

early rebar buckling and concrete crushing, and due to a relative long lap splice (~40db) at 

the base of the columns. Despite achieving this moderate levels of ductility, the bent 

exhibited significantly larger inelastic curvatures than the retrofitted bents at similar levels of 

ductility. 

5.5.3 Backbone Curve Comparison 

Backbone curves were utilized to visualize and understand the difference in terms of 

overall load and displacement capacity that the specimens exhibited. Figure 5.40 compares 

the backbone curves from the three experiments in terms of ductility of the As-built 

condition, i.e., ductility one corresponds to the effective yield of the As-built RC bent (δye). 

As expected, the retrofitted bents exhibited larger strength and stiffness as compared to the 

As-built bent. For the retrofitted state, the strength increased by 60% with respect to the 

strength in the As-built condition. This behavior was expected because the inclusion of the 

BRB, which acts in parallel with the RC bent, adds stiffness and strength to the overall 

system. Bent/BRB1 and Bent/BRB2 presented similar peak strength since both BRB 
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specimens had the same material properties and cross sectional area of steel core. The main 

difference between the retrofitted specimens was the brace stiffness, which for the 

Bent/BRB1 was almost three times the stiffness of the Bent/BRB2. It is worth noting that 

the Bent/BRB1, which was designed using a structural fuse concept, did not reach the 

effective yield of the RC bent for the displacement demand considered. This result confirms 

that a fuse based design utilizing BRBs can limit the inelastic displacement demands in the 

columns and beams and still provide a highly ductile behavior and energy dissipation. The 

fact that the Bent/BRB2 had an abrupt drop in load was attributed to the unexpected BRB 

fracture caused by poor confinement of the brace between the steel core and the non-

yielding length. 

 

Figure 5.40 Backbone curves comparison (1st stage) 

Despite the seismic detailing deficiencies, the backbone curve for the As-built bent 

showed moderate displacement capacity. Even though this behavior was unexpected because 

of the vast number of deficiencies in the as-built bent, similar results of flexural dominated 

columns can be found in the literature (McLean, et al., 1998), (Eberhard & Marsh, 1997), 
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(ElGawady, et al., 2010). The ductile performance is likely a result of a relatively long lap 

splice length (40db), and low axial column loads (0.1 f’c Ag), demonstrating a level of 

conservatism in assessing the response of flexural columns with detailing that does not fully 

conform to current standards.  

5.5.4 Stiffness Degradation 

The stiffness degradation is an important property in RC bridges subjected to seismic 

events because of the influence on the effective natural period of the structure. Stiffness 

degradation of the retrofitted bents can be attributed to BRB nonlinear behavior, concrete 

nonlinear behavior caused by flexural and shear cracking, slippage of steel reinforcement, 

etc. In this study, the normalized stiffness, represented as the secant stiffness (ksec) divided by 

the yield stiffness (ky), at different displacement ductilities, was utilized as the stiffness 

degradation parameter. It is worth noting that the yield displacement used in the calculations 

corresponds to the yield displacement of the BRB as that was the first sign of inelasticity of 

the retrofitted bents. 

In terms of stiffness degradation both BRB test specimens showed similar stiffness 

degradation up to a displacement ductility of 3 as shown in Figure 5.41. However, for 

ductilities above 3, the Bent/BRB1 showed a lower stiffness degradation than the 

Bent/BRB2. This corresponds to the hysteretic response showed by the two specimens, in 

which the Bent/BRB1 showed a stable response throughout the test. Bent/BRB2 showed 

greater rate of stiffness degradation in the negative direction due to strength deterioration in 

compression at a displacement ductility exceeding 3.2. Moreover, the Bent/BRB2 exhibited 

an abrupt decay at a displacement ductility of 4.2 due to the fracture of the BRB steel core.  
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Gulkan and Sozen (1974) proposed a relation between the displacement ductility (µ) and the 

secant stiffness (ksec) as shown in Eq. (5.8). That relation does not agree well with the 

stiffness degradation for the BRB specimens since that stiffness ratio was developed to be 

representative of deficient RC columns. In order to incorporate the stiffness degradation 

calculated for the retrofitted specimens the equation proposed by Gulkan and Sozen was 

modified by incorporating an exponential factor (c). In the original equation this c factor is 

equal to 1. However, a c factor of 0.6 was deemed suitable to fit the experimental data of the 

specimens retrofitted with BRBs. This result, as expected, implies that the retrofitted bent 

has a lower rate of stiffness degradation than deficient RC components.  

 1
1sec 

c

yk

k


 (5.8) 

 

Figure 5.41 Stiffness degradation (1st Stage) 
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method as a measurement of energy dissipation is to determine the equivalent viscous 

damping of a structure. This is especially important in bridges that are designed and 

retrofitted using displacement based analysis. The total equivalent viscous damping (ξeq) was 

obtained by adding the initial elastic damping (ξel), which is typically considered as 5% for 

RC structures, and the hysteretic damping (ξhys). The hysteretic damping (Priestley, et al., 

2007) was calculated using Eq. (5.9). 

 
cyclecycle

d

strain

d

hys
F

A

A

A







max,2

1

4

1
 (5.9) 

Where, Ad is the energy dissipated in a full cycle and Astrain is the strain energy (or 

stored energy) measure at the peak force of each cycle (Fmax, cycle). The equivalent viscous 

damping (ξeq) was calculated for each specimen and is illustrated in Figure 5.42. 

 

Figure 5.42 Equivalent viscous damping (1st stage) 
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dissipation systems. The equivalent viscous damping increased with increasing levels of drift 

up to failure. For the As-built specimen the ξeq remained constant with increasing drift due to 

the gradual degradation of strength. In the Bent/BRB2, the equivalent viscous damping 

abruptly decreased due to the failure of the steel core signifying the BRB contribution to 

energy dissipation.  

All the specimens achieved a maximum ξeq values of approximately 25% as they each 

reached their respective ductility levels of approximately 8. However, the retrofitted bent 

specimens reached that level of equivalent viscous damping at much smaller displacements 

than the As-built. And, in the case of the Bent/BRB1, this level was even reached prior to 

the RC bent started to contribute to the dissipating energy by yielding of the columns. This 

result shows that the BRB retrofitted bent can reach high levels of energy dissipation 

without even relying on the energy dissipated by the original structure. 

5.5.6 Comparison to Analytical Displacement Demands 

Figure 5.43 shows a comparison between the experimental results and the analytical 

displacement demands under the 500-year earthquake event and the 1000-year event. The 

results further demonstrate that the target performance levels required by ODOT (2015) 

were achieved, resulting in a fully “Operational” performance level for the Bent/BRB 1 

under the serviceability level earthquake (500-year event) as well as for the design level 

earthquake (1000-year event). Further, for Bent/BRB 2 the Operational performance criteria 

under the 500-year event and the Life Safety criteria under the 1000 year event were still 

satisfied. 
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(a) 

 
(b) 

Figure 5.43 Comparison between experimental results and analytical demand;  
(a) Bent/BRB 1, (b) Bent/BRB 2 

5.5.7 Performance Assessment Based on Strain Measurements 

In order to assess the performance of test specimens, it is common practice to relate 

strain data to certain limit states (Kowalsky, 2000). For example, the two-level performance 

criteria required by ODOT in terms of strains is indicated in Table 5.8. Other researchers have 

also proposed different strain limits as shown in Table 5.8. 
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Table 5.8 Quantitative limit states in terms of strains 

Performance 
Level 

Seismic  
Hazard 

ODOT 
(2015) 

Kowalski 
(2000) 

Sheikh & Légeron (2014) 

Fully 
Operational 

- - - 
fc < fcr = 0.4√𝑓´𝑐 (MPa) 

fs < fy 

Operational 
(Serviceability) 

500-year 
(ODOT) 

εcc = 0.005 
εs ≤ 2εsh =0.03 

εc ≤ 0.004 
εs ≤ 0.015 

εc ≤ 0.004 
εs ≤ 0.007 

Life Safety 
(Damage 
Control) 

1000-year 
(ODOT) 

εcc = 0.9 εcu ≈ 0.008 
εs ≤ εR

su = 0.09 
εcu ≈ 0.018 
εs ≤ 0.06 

εc = εcc50  

(initial core crushing) 
εc = εcu  

(fracture of hoops) 
εs ≤ εsu =0.07  

(rebar fracture) 
εs ≤ εscr  

(onset of buckling) 

 

Where, fc is the stress in concrete; fcr is the tensile strength of concrete; f’c is 

compressive strength of concrete; fs is the stress in steel; fy is the yield strength of steel; εs is 

the reinforcing steel strain; εsh is the reinforcing steel strain at the onset of strain hardening; 

εR
su is the reduced ultimate tensile strain in the reinforcing steel; εsu is the tensile strain at 

fracture; εscr is the steel strain at the onset of buckling of longitudinal; εc is the concrete strain 

in concrete, εcc is the concrete strain in the confined section; εcu is the ultimate concrete strain 

computed using Mander’s model. The values of εsh and εR
su depend on the size of the rebar 

and are given in AASHTO (2009). ODOT’s performance levels based on the rebar size used 

in this study are indicated in Table 5.8. From that table, it can be observed that the 

difference in concrete strains between the operational and the life safety performance level is 

only 0.003. This low margin was caused by the low concrete confinement, which is typical of 

RC bents built prior to 1970. Reinforcement strains and concrete strains are presented and 

discussed in the following sections. Maximum strains at the end of each test are compared to 

the limit states given in Table 5.8. 
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5.5.7.1 Steel Reinforcement Strains 

The strains in rebars were measured through 90 strain gauges as shown in Figure 

5.15. The results of these measurements are depicted in Figure 5.44 to Figure 5.47 for 

columns of Bent/BRB1 and Figure 5.48 to Figure 5.51 for columns of Bent/BRB2 at 

different displacement ductilities. The designation used in the figures is as follows: column 

number (C1 or C2), the quadrant (1, 2, 3 or 4), and the type of rebar (dowel: D or 

continuous: C). For example, C1-2-C corresponds to Column1 – 2nd quadrant – Continuous 

rebar. In the figures, some strain measurements are missing since during the concrete 

pouring a few strain gauges got damaged. Moreover, positive values of ductility was defined 

when the BRB was in tension. The results clearly demonstrate that the columns of 

Bent/BRB1 underwent only minor inelastic excursions. The maximum strains were at the 

top of column C2 in quadrants 3 and 4 with strain values close to 0.002. This greater 

demand in column 2 was presumably caused by the larger axial loads transferred from the 

BRB to that column as shown in Figure 5.35(a). Comparing the maximum steel strain 

reached by the columns of Bent/BRB1 to the minimum steel strain limit presented in Table 

5.8 for the Operational performance level (εs=0.007), it is evident that this retrofitted bent 

remained Operational. In the case of Bent/BRB2 the maximum strain demand was also in 

column C2 with a value of 0.015, which is still lower than the steel strain limit required by 

ODOT for the Operational level but is close to the value suggested by Kowalski (2000) and 

definitely greater than the one recommended by Sheikh and Légeron (2014). Moreover, 

Figure 5.52 shows that the cap beam remained elastic for Bent/BRB 1 and minor inelastic 

strain excursions occurred in Bent/BRB2. 
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Figure 5.44 Strains in reinforcing steel for Bent/BRB 1 (1st quadrant) 
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Figure 5.45 Strains in reinforcing steel for Bent/BRB 1 (2nd quadrant) 
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Figure 5.46 Strains in reinforcing steel for Bent/BRB 1 (3rd quadrant) 
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Figure 5.47 Strains in reinforcing steel for Bent/BRB 1 (4th quadrant) 
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Figure 5.48 Strains in reinforcing steel for Bent/BRB 2 (1st quadrant) 
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Figure 5.49 Strains in reinforcing steel for Bent/BRB 2 (2nd quadrant) 
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Figure 5.50 Strains in reinforcing steel for Bent/BRB 2 (3rd quadrant) 
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Figure 5.51 Strains in reinforcing steel for Bent/BRB 2 (4th quadrant) 
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Figure 5.52 Rebar strains in cap beam. (a) Bent/BRB1; (b) Bent/BRB2 

5.5.7.2 Concrete Strains 

The concrete strains at the base of the columns were obtained using the results from 

the strains in the reinforcing steel and the linear strain profile for a circular section shown in 

Figure 5.53. In order to obtain the compression strains in the concrete at the column base, 

only tensile strains measurements in the dowels were used; meanwhile, both dowels and 

longitudinal reinforcement strain gauge measurements were used for the compression 

strains. The use of the tensile strain in the dowels was used to avoid the discrepancy in 

tensile strains caused by the lap splice. Concrete strains at the top of the columns were 

computed using tensile and compression strains, which were measured using strain gauges 

installed on the longitudinal reinforcing steel. 

Results of using this methodology are presented in Figure 5.54. Maximum strains for 

Bent/BRB1 occurred at the top of the columns with values close to 0.002 in/in. This result 

again confirms that Bent/BRB1 did not exceed the strain limits for the Operational 

performance level presented in Table 5.8. On the contrary, the concrete strains in 

Bent/BRB2 exceeded the strain limits for the Operational performance and were close to 

the strain limits for the Life Safety level. 
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Figure 5.53 Linear strain profile for a circular section 
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(b) 

Figure 5.54 Compression strains in concrete (a) Bent/BRB1; (b) Bent/BRB2 

5.5.7.3 RC Bent Limit States 

In order to relate the global performance levels, namely, Operational and Life Safety, 

to component’s levels, a five level component performance is shown in Table 5.9. This table 

is based on the work carried out by Hose & Seible (1999) and adapted to correspond with 

ODOT’s performance criteria. The table also shows the corresponding performance criteria 

suggested by Hose & Seible, in which the Operational level corresponds to first yielding and 

minor cracking, and Life Safety corresponds to the onset of spalling. 

Results of using the five level component performance for the As-built Bent 1 are 

illustrated in Figure 5.55 and values indicated in Table 5.10. The results show that the 

Operational performance level is reached at a ductility of 1.7 and the Life Safety 

performance at a ductility of 4.8. Comparing these values of displacement ductility to the 

backbone curves depicted in Figure 5.40 further demonstrate that the Bent/BRB 1 remained 

within the Operational Performance level; while, the Bent/BRB 2 satisfy the Life Safety 
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performance. It is worth mentioning that the As-built bent showed moderate displacement 

ductility capacity, which indicates that retrofitting this bent may not be needed. 

Table 5.9 Component Performance Levels adapted from Hose & Seible 

Level 
Component 
Performance 

Repair 
Description 

Hose & Seible 
Global 

Performance 

ODOT’s 
Performance 

Levels 

I Cracking No Repair 
Fully 

Operational 
- 

II First Yield Possible Repair Operational - 

III Effective Yield Possible Repair - - 

IV Onset of Spalling Minimum Repair Life Safety Operational 

V Buckling or Rupture Replacement Collapse Life Safety 

 

 

Figure 5.55 Limit States for As-built Bent 1 

Table 5.10 As-built Bent 1 Performance Parameters (Limit States) 

Level Limit State 
Steel  

Strains (εs) 
Concrete 

Strains (εc) 
% 

Drift 
Ductility 

(μ) 

I Cracking 0.0008 0.0007 0.21 0.3 

II First Yield 0.0017 0.0012 0.46 0.8 

III Effective Yield 0.0020 0.0017 0.60 1 

IV Onset of Spalling 0.010 0.0042 0.99 1.7 

V 
Buckling or 

Rupture 
0.048 0.0080 2.87 4.8 
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5.6 SECOND STAGE – EXPERIMENTAL EVALUATION OF REPAIRED BENT 

The second stage of the experimental program consisted of evaluating the feasibility 

of using BRBs as repair measure for damaged RC bents. The test sequence comprised 

testing an undamaged RC bent, hereinafter referred to as As-built Bent 2, until considerable 

damage was observed. Then, a second test comprised repairing the already damaged bent 

with BRBs, hereinafter referred to as Bent/BRB 3. Both tests were conducted using a cyclic 

loading that aims to reflect subduction zone earthquake displacement demands as shown in 

Figure 5.22(b). 

5.6.1 Cyclic Behavior and Damage Progression 

The experimental outcomes are discussed with reference to global and local 

behavior.  

5.6.1.1 As-built Bent 2 

This bent was tested using the proposed protocol discussed in Chapter 2 for 

structures of ductility 8 and fundamental period of 0.5 sec. However, in order to avoid 

reaching the Collapse performance level (Table 5.9), this bent was tested up to displacement 

ductility 4.5. This ductility value was selected based on the result obtained for the As-built 

Bent 1, which suggested that rebar buckling would occur at a displacement ductility of 4.8 as 

shown in Table 5.10. 

The recorded lateral load-deformation behavior for the As-built Bent 2 is shown in 

Figure 5.56. The peak lateral load was 66 kips (294 kN) and occurred at a lateral 

displacement of approximately 3.22 in (82 mm). The first yield occurred at a displacement of 

0.56 in (14 mm) and the effective yield was computed as 0.73 in (19 mm). These yield 
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displacements match the values obtained for the retrofitted bents (Bent/BRB 1 & 2) and 

also the As-built Bent 1.  

 

Figure 5.56 Hysteretic response of As-built Bent 2 

The initial damage consisted of horizontal cracks that were propagated throughout 

the height of the expected plastic hinge zones of columns. Contrary to the case of the 

retrofitted bents, in the As-built Bent 2 was observed early formation of vertical cracks in the 

cap beam at the face of column C1 (see Figure 5.13 for column designations). Vertical cracks 

in the bent beam increased in width up to 0.6 mm as shown in Figure 5.57(a). Significant 

spalling of concrete at expected plastic hinge locations was observed during the last cycles as 

shown in Figure 5.57(b). Also at the end of testing some vertical cracks were observed at the 

column base, which can be attributed to the lap splice at that location. Onset of dowel 

buckling was observed at the base of column C2 during the last cycle at a displacement 

ductility of 4.5 as depicted in Figure 5.57(c). Similar to the results obtained for the As-built 

Bent 1, the As-built Bent 2 exhibited moderate ductile response and stable behavior. In this 

case failure of the specimen was not reached. 
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 (a) (b) 

 
(c) 

Figure 5.57 Damage in As-built Bent 2; (a) Damage in cap beam, (c) Significant spalling in columns,  
(c) Onset of rebar buckling 

5.6.1.2 Repaired Bent/BRB 3 

The buckling-restrained brace used in Bent/BRB3 was designed following the 

structural fuse concept applied to a damaged bent as described in Chapter 4 and exemplified 

in Section 5.2.3, which resulted on limiting the displacement of the bent to 1.2 in under the 

1000-year event in order to prevent significant damage in cap beam and columns. From the 

results of the As-built Bent 2, it was concluded that repairing the cap beam was also needed. 

With that aim, the use of a post-tensioning load that increases compressive axial stresses in 

the beam and in consequence increases the capacity of both cap-beam and column-beam 
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joint was deemed suitable for this application. Thus, a post-tensioning force was applied 

using the 4 horizontal high-strength rods attached to the connector beam on one side and to 

end plates on the other as shown in Figure 5.13. The force applied to the cap beam was 

calculated with the aim of restricting further damage in the cap beam. Analysis performed in 

SAP2000 resulted in a post-tension force of 70 kips. This design resulted in a Bent/BRB 

system as shown in Figure 5.58.  

It is worth mentioning that columns were not further repaired and that for this phase 

of the experimental program a different BRB manufacturer provided the BRB.  

 

Figure 5.58 Bent/BRB 3 

Despite of preliminary calculations that indicated the maximum demand for this bent 

was 1.2 inches (30 mm) under the 1000-year event, testing was initially performed until 

completion of the loading protocol targeting ductility 8. However, during the test was 

observed that the hysteretic behavior of the bent did not show any sign of strength 

deterioration and the damage in the RC components was still acceptable. Thus, cycles of 

increasing amplitude were performed after the proposed loading history. The test was ended 

after 5 more cycles of increased displacement amplitude because the hysteretic response of 
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the Bent/BRB3 did not show noticeable strength deterioration and more importantly 

because the large amplitude displacements in conjunction with excessive out-of-plane 

displacements jeopardized the safety of the equipment in the lab.  

The lateral load vs. deformation hysteresis curve shown in Figure 5.59 indicates 

highly ductile behavior and high energy dissipation up to a displacement ductility of 17.7, 

which is equivalent to a displacement of 4.53 in (115 mm). The nominal lateral displacement 

at yield for the BRB was calculated as 0.16 in (4.1 mm) and the experimental one was 0.26 in 

(6.6 mm), which is a 62% increase with respect to the nominal value. Displacement ductility 

was calculated using the yield displacement of the BRB. The effective yield of the RC bent is 

also depicted in Figure 5.59 as a point of comparison with the results of the As-built Bent 2. 

 

Figure 5.59 Hysteretic response of Bent/BRB 3 

As the progressively increasing displacements were applied, the lateral load increased 

up to 134 kips (596 kN) for the brace compression direction and 103 kips (458 kN) for the 

brace tension direction. This difference in strength capacity was expected since Figure 5.59 

clearly shows that the response was dominated by the stable hysteretic behavior of the BRB, 
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which is also known for presenting more strength capacity in compression due to the 

additional friction forces exerted in the interface between the steel core and the concrete 

confining it. 

Regarding damage progression, at the beginning of the test the columns and cap 

beam presented the same damage shown at the end of the As-built Bent 2 test (Figure 5.57). 

No further damage was registered in RC components until a displacement ductility of 8, 

which is equivalent to 2.1 in (53 mm). After that point, crushing of the concrete at the base 

and top of the columns was noticeable, exposing the column reinforcement. Once the 

concrete cover was lost, the longitudinal bars and dowels in those regions began to buckle as 

shown in Figure 5.60(a) and (b). Despite of the columns sustaining significant damage that 

can be categorized in the Collapse limit state, the system showed only minor strength 

deterioration, in particular in the last cycle when the BRB was in compression. Moreover, at 

the end of the test no further damage was observed in the cap beam as shown in Figure 

5.60(c), which demonstrates that post-tensioning the cap beam was an effective method to 

restrict the damage in that component. 

Inspection of the gusset plates, which was conducted following the removal of the 

BRB, did not reveal any damage. It is worth mentioning that the same gusset plates were 

used for all the tests, showing the excellent behavior of those components. 
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 (a) (b) 

 
(c) 

Figure 5.60 Damage in Bent/BRB3; (a) Overall damage, (b) Buckling of steel,  
(c) Damage in cap beam 

5.6.2 Yield Displacement and Ductility 

Actual yield displacement for the repaired specimen, Bent/BRB3, was obtained using 

the experimentally inferred yield elongation of the brace. The corresponding displacement 

ductilities were computed using the actual yield displacements. The displacement ductility for 

the As-built Bent 2 was computed using an effective yield displacement that was calculated 

to be the same that the one for the As-built Bent 1. Values of yield displacement and final 

displacement ductility for each specimen are summarized in Table 5.11. It is worth 
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mentioning that neither the As-built Bent 2 nor the Bent/BRB3 reached failure, which was 

defined as the point when the strength degraded more than 20%.  

Table 5.11 Displacement ductility of repaired bent 

Test 

Nominal 

yield 

in (mm) 

Measured first 

yield 

mm (in) 

Effective yield 

mm (in) 

Displacement 

ductility (μ) at 
the end of the 

test 

As-built Bent 2 0.53 (13.4) 0.56 (14.2) 0.73 (18.5) 4.5 

Bent/BRB 3 0.16 (4.1) 0.26 (6.6) 0.26 (7.4) 17.7 

 

5.6.2.1 Buckling-Restrained Brace (BRB) Component Response 

Similar to the retrofitted bent, the elongation of BRB3 was measured via four 

LVDTs. Two of them measured the relative displacement between the steel core and the 

steel casing at the top and bottom connections. The other two were located on the sides of 

the brace to measure the total elongation. The brace elongation for the Bent/BRB 3 is 

shown in Figure 5.61. Results show that inelastic deformation demands were evenly 

distributed at the top and bottom of the BRB except the last two cycles. This result may 

explain why the BRB presented a stable response and did not fail prematurely like the BRB 

in Bent/BRB2. 

The BRB axial response was obtained following the same procedure that for the 

retrofitted bents as discussed in Section 5.5.1.4 with the difference that the post-tensioning 

force was added in the free body diagram of the system. BRB response envelope during the 

test of Bent/BRB3 is illustrated in Figure 5.62. The numerical response was computed from 

using material properties and over-strength factors. The same over-strength factors used for 

the retrofitted bents were used in this case. Numerical and actual yield elongation were 

calculated as 0.1 in (2.5 mm) and 0.17 in (4.3 mm), respectively. Comparison of the inferred 
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envelope and the numerically obtained bi-linear response in Figure 5.62 shows that the 

numerical approximation fits well with the experimental curves in the elastic range. 

However, in the inelastic range the preliminary over-strength factors underestimated the 

BRB strength. This result was presumably caused by using a BRB provided by a different 

manufacturer, which proved to be effective in achieving greater elongation capacity but also 

detrimental in the excessive over-strength factors (~2) that the BRB attained.  

The estimated maximum axial strain of the steel core at the end of the test was 

computed dividing the maximum elongation by the reduced section length, and was 

approximately 4%.  

The contribution of the BRB at the peak load of the repaired system was 73%, which 

showed that most than half of the system maximum lateral load was resisted by the BRB. 

  
 (a) (b) 

Figure 5.61 BRB deformation in Bent/BRB 3. (a) Top and Bottom, (b) Total deformation 
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Figure 5.62 Buckling-restrained brace response for Bent/BRB 3 

5.6.2.2 Columns Component Response 

The internal axial loads in column 1 (C1) and column 2 (C2) were calculated in a 

similar way to that of the retrofitted bents. The internal axial loads in C1 and C2 for the 

specimens are shown in Figure 5.35. The results showed the influence of the BRB on C1 is 

negligible as compared to the As-built condition. On the contrary, the axial load in C2 is 

directly affected by the inclusion of the BRB since the axial load in the BRB is decomposed 

into an additional axial load in that column. The effect is such that at some point C2 is 

completely under tension loads as shown in Figure 5.35(b). These results are a direct 

consequence of the brace-to-bent connection, which connected the brace to the footing on 

one side and to the cap beam on the other. Any significant variation in the internal axial load 

of columns needs to be accounted for in the design and will affect the subsequent 

assessment and retrofit of other components. 
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(a) 

 
(b) 

Figure 5.63 Internal column axial load. (a) As-built Bent 2; (b) Bent/BRB 3 

5.6.3 Backbone Curve Comparison 

Backbone curves were utilized to visualize and understand the difference in terms of 

initial stiffness, overall load and displacement capacity that the specimens exhibited. Figure 

5.64 compares the backbone curves from the two experiments in terms of ductility of the 

As-built bent condition, i.e., ductility one corresponds to the effective yield of the As-built 

Bent 2. For the repaired state, results showed that the strength increased by 63% in the 
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undamaged As-built condition. While, the yield stiffness also increased by 158% in the 

repaired condition. As expected, the repaired bent exhibited larger strength and stiffness as 

compared to the As-built bent, demonstrating that repairing damaged RC bents with BRBs is 

a feasible option to restore the stiffness and strength of the system.  

Figure 5.65 shows the comparison of backbone curves for all the RC bent conditions 

tested in this study. This figure clearly demonstrates the effect in stiffness and strength of 

retrofitting and repairing RC bridge bents with BRBs. 

 

Figure 5.64 Backbone curves comparison (2nd stage) 

 

Figure 5.65 Backbone curves comparison for all specimens 
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5.6.4 Stiffness Degradation 

The normalized stiffness, represented as the secant stiffness (ksec) divided by the yield 

stiffness (ky), at different displacement ductilities, was utilized as the stiffness degradation 

parameter. It is worth noting that the yield displacement used in the calculations corresponds 

to the effective yield displacement calculated for the As-built Bent 2 and the yield 

displacement of the BRB for the Bent/BRB 3 as those were the first sign of inelasticity of 

the as-built bent and repaired bent, respectively.  

In terms of stiffness degradation (shown in Figure 5.66), the results for the As-built 

bent agree with the modified equation proposed for the retrofitted bents, Eq. (5.8) with c 

=0.6, up to ductility 2.5. After that point the As-built bent showed greater rate of stiffness 

degradation. Despite of being built with substandard detailing, the as-built bent did not agree 

with the equation, Eq. (5.8) for c=1 (Gulkan & Sozen, 1974), which was intended for 

deficient RC columns. The BRB test specimen, on the other hand, showed a lower stiffness 

degradation than the As-built Bent 2, in particular in the positive direction. This lower 

stiffness degradation of Bent/BRB3 was caused by the stable and highly ductile hysteretic 

response showed throughout the test by the repaired bent. The results also showed that the 

modified equation provides a lower bound for the stiffness deterioration of the repaired 

bent. Thus, the modified equation is recommended for assessing both retrofitted and 

repaired bents with BRBs. 
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Figure 5.66 Stiffness degradation (2nd stage) 

5.6.5 Equivalent Viscous Damping 

The total equivalent viscous damping (ξeq) was obtained for the As-built bent 2 and 

the Bent/BRB3 as described in Section 5.5.5. Figure 5.67 shows that the Bent/BRB3 has 

greater equivalent viscous damping (ξeq ≈ 39%) as compared to the as-built condition. This 

result is consistent with the stable hysteretic behavior and wide loops shown by the 

Bent/BRB3, which is typical of BRB systems, and demonstrates that repairing damaged RC 

bents with BRBs is a good option to reach high levels of energy dissipation. 
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Figure 5.67 Equivalent viscous damping (2nd stage) 

5.7 COMPONENT EVALUATION OF BRBS 

Subassemblage tests of three buckling-restrained braces were conducted in an effort 

to evaluate and characterize the hysteretic response of BRBs with the same dimensions and 

properties to the ones described in previous sections, i.e. BRB 1 and BRB2 for the 

retrofitted bent, and BRB 3 for the repaired bent. The specimens were designated according 

to their counterpart in the retrofitted and repaired condition by adding a letter “Q” at the 

end of their designation.  
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on the upper part of the column to prevent out-of-plane displacements as shown in Figure 

5.69. 

 

Figure 5.68 Test setup for qualification of BRBs 
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Figure 5.69 Out-of-plane mechanism in subassemblage tests 

5.7.1.1 Gusset plates 

For the subassemblage tests, gusset plates were designed with the aim of replicating 

the gusset plates used in the retrofitted and repaired cases. Steel ASTM A572 Gr50 with a 

thickness of 5/8 inches was used. Details of the gusset plates used in the tests are shown in 

Figure 5.70 and Figure 5.71 for the top and bottom gusset plate, respectively. 

 

Figure 5.70 Top gusset plate for qualification of BRBs 
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Figure 5.71 Bottom gusset plate for qualification of BRBs 

5.7.2 Instrumentation 

The general instrumentation layout is depicted in Figure 5.68. Four LVDTs 

measured the axial deformation of the BRBs. Two of them measured the relative 

displacement between the steel core and the steel casing at the top and bottom connections. 

The other two were located on the sides of the brace to measure the total elongation as 

shown in Figure 5.72(a). LVDTs were also utilized to measure slippage in the BRB-gusset 

plate connection, out-of-plane displacement of the gussets, uplift of gussets, and slippage 
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the top as shown in Figure 5.72(a) and (b). String pots were used to measure the lateral 
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displacement of the BRB in an effort to assess potential global buckling failure as shown in 

Figure 5.72(c). Strain gauges were installed on the gussets in order to assess the behavior of 

those components. 

   
 (a) (b) (c) 

Figure 5.72 Instrumentation on subassemblage tests (a) Base, (b) Top, (c) String pots 

5.7.3 Loading Protocol 

The loading protocol used to evaluate the response of the specimens was based on 

the qualification loading protocol of AISC (2010) with some modifications as shown in 

Figure 5.73. The loading sequence suggested in the AISC Section K3.4c is as follows: 

(1) 2 cycles of loading at the deformation corresponding to Δby 

(2) 2 cycles of loading at the deformation corresponding to 0.5Δbm 

(3) 2 cycles of loading at the deformation corresponding to Δbm 

(4) 2 cycles of loading at the deformation corresponding to 1.5Δbm 

(5) 2 cycles of loading at the deformation corresponding to 2Δbm 

(6) Additional complete cycles of loading at the deformation corresponding to Δbm as 

 required for the brace test specimen to achieve a cumulative inelastic axial 

 deformation of at least 200 times the yield deformation (not required for the 

 subassemblage test specimen). 
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Where, Δby is the deformation at first significant yield and Δbm is the deformation 

corresponding to the design story drift. Δby was calculated using the nominal properties of 

the brace. The design story drift (Δbm) was selected using the minimum of 1% the story 

height or 7.5Δby. As a result, the value of Δbm for BRB1-Q and BRB3-Q was controlled by 

7.5Δby and for BRB2-Q using the 1% story height. The values of Δby and Δbm for each test 

are summarized in Table 5.12. 

Table 5.12 Values of Δby and Δbm 

Test Δby (in) Δbm (in) 

BRB1-Q 0.05 0.34 

BRB2-Q 0.14 0.89 

BRB3-Q 0.10 0.77 

 
In this study, the sequence (6) was replaced by additional two cycles at 2.5Δbm and 

3.0Δbm in an effort to achieve a cumulative inelastic axial deformation of at least 350 times 

the yield deformation as required by the OSHPD (Office of Statewide Health Planning and 

Development). In cases when the brace did not fail, additional cycles of loading at a 

deformation corresponding to 2.0Δbm were performed.  

 

Figure 5.73 Loading protocol for evaluation of BRBs 
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5.7.4 Cyclic Behavior and Damage 

5.7.4.1 Data Reduction 

In the following sections, the brace axial deformation (Δ) that is reported 

corresponds to the average of the LVDTs installed on each side of the BRB. Since the 

actuator was not located at the same height that the top brace connection, the axial force in 

the brace was calculated using Eq. (5.10). 

 
)cos(

)(

2

21






L

LLActuator
ForceAxial  (5.10) 

Where, Actuator is the measured actuator load, L1 is the distance from the actuator 

to the brace work point (WP), and L2 is the distance from the WP to the pin at the base of 

the column. Values of 28.5 in and 106.6 in were used for L1 and L2, respectively. 

5.7.4.2 BRB1-Q 

This BRB was designed using the structural fuse concept in order to limit the 

displacement demand in a RC bent as described in Section 5.2.2. As a result, a stiff BRB with 

a reduced section length equal to 30 in and a steel core area equal to 1.2 in2 was specified. 

The subassemblage test setup for this brace is shown in Figure 5.74. 

The recorded axial load-deformation behavior for this specimen shown in Figure 

5.75 indicates ductile behavior and high energy dissipation via stable hysteretic cycles. The 

nominal yield deformation of the brace was computed as 0.05 in (1.3 mm). Although, the 

loading protocol was defined up to 3.0Δbm, BRB1-Q was tested up to an axial deformation of 

1.21 in (30.7 mm), which is equivalent to approximately 3.5Δbm or ductility 24 and axial strain 

of 4%. Peak loads of 85 kips and 95 kips were recorded for the brace in tension and 

compression, respectively. These loads occurred at 1in of axial deformation. Figure 5.75 
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demonstrates that this brace exceeds the axial deformation of 2.0Δbm required by code for 

qualification purposes. Thus, this brace satisfied the requirements of qualification. 

    

Figure 5.74 Subassemblage test of BRB1-Q 

 

Figure 5.75 Hysteretic response of BRB1-Q 

Comparison of top and bottom axial deformations, which were measured through 

two LVDTs installed on the top and bottom part of the brace, is depicted in Figure 5.76. 

This figure indicates a nearly symmetric distribution of axial deformation. However, the 

figure also show that during the cycle of yield amplitude (Δby) and during the subsequent 

cycles, axial deformations tended to move out from the initial 0 value. This result indicates 
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that the encasing system moved relatively to the steel core to a different position than the 

one the casing was originally. In other words, this behavior can be described as a residual 

displacement of the encasing system.  

 

Figure 5.76 Distribution of axial deformation on BRB1-Q 

At the end of the test, localized damage was observed in the steel casing as shown in 

Figure 5.77(a). This damage was caused by the internal buckling of the steel core in its week 

axis which in turn damaged the concrete surrounding it and bend the steel casing. The 

damage sequence was clear once the brace was deconstructed in order to observe the 

internal damage as shown in Figure 5.77(b) and (c). 

Further inspections after removing the BRB from the test setup showed that the 

gusset plates did not exhibit any damage. This result was also reflected in the strain gauge 

measurements that indicated that the gussets were not even close to yielding. The maximum 

strain recorded in the gusset plates was 0.000735 in/in, which is lower than the strain at yield 

(0.00172 in/in). 
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 (a)  (b) 

   
(c) 

Figure 5.77 Damage in BRB1-Q. (a) Damage in steel casing, (b) Damage in concrete,  
(c) Failure mode of the steel core 

5.7.4.3 BRB2-Q 

BRB2-Q was designed following a typical approach of BRB design, which considers 

a reduced section (Lc) equal to two thirds of the brace length (88.6 in). As a result, a more 

flexible brace as compared to BRB1-Q was utilized as shown in Figure 5.78. It is worth 

mentioning that this brace had the same area of steel core and material properties than 

BRB1-Q. Thus, the same yield strength was computed for both braces. 
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Figure 5.78 Subassemblage test of BRB2-Q 

The hysteretic response of BRB2-Q shown in Figure 5.79 indicates that this brace 

did not reach the axial deformation (2Δbm) required for qualification purposes. Peak loads of 

70 kips and 87 kips were recorded for the brace in tension and compression, respectively. 

The nominal yield deformation of the brace was computed as 0.14 in (3.6 mm) and the 

failure of the brace was observed during the last compression half-cycle at an axial 

deformation of 1.32 in, which is equivalent to a ductility of 9.4.  

The response of this brace was similar to the response inferred for Bent/BRB2, 

which also presented lower axial deformation than expected and similar axial strength. It is 

worth mentioning that the brace in Bent/BRB2 failed at an axial deformation of 0.78 in, 

while BRB2-Q failed after an axial deformation of 1.32 in. Further comparisons of top and 

bottom axial deformations of BRB2-Q shown in Figure 5.82 indicate a more symmetric 

distribution of axial deformations as compared to the results recorded for Bent/BRB2. In 

the latter, the inelastic deformation demands were mostly concentrated at the top of the 

BRB. The difference in the distribution of axial deformations and also in axial deformation 

capacity between BRB2-Q and Bent/BRB2 was presumably caused by the different loading 

protocol used in Bent/BRB2, in which a loading history with more inelastic cycles of low 
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amplitude was utilized to reflect inelastic demands from subduction zone ground motions. 

As a consequence, the brace in Bent/BRB2 was subjected to many more inelastic axial 

strains than BRB2-Q. 

 

Figure 5.79 Hysteretic response of BRB2-Q 

 

Figure 5.80 Distribution of axial deformation on BRB2-Q 

No visual damage was observed throughout the test. However, buckling of the steel 

core likely started developing during the last compression half-cycle through significant 

decrease in axial strength to give place to fracture of the steel core during the tension half-

cycle as shown in Figure 5.79.  The damage presented in the steel core of BRB2-Q is shown 
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in Figure 5.81. This damage agrees with the recorded distribution of axial deformations 

shown in Figure 5.80, in which it can be observed that during the last cycles the axial 

deformation was concentrated at the top part of the BRB leading to buckling of the steel 

core in the compression half cycle and then to rupture during the tension half cycle as 

shown in Figure 5.81(a). Minimal internal buckling but more evenly distributed was observed 

in the bottom part of the brace as shown in Figure 5.81(b). Similarly to Bent/BRB2, the 

fracture of the steel core occurred in the transition section between the non-yielding and the 

reduced section of the core. This mode of failure was attributed to poor confinement in the 

transition section (Ltr) within the brace. 

 
(a) 

 
(b) 

Figure 5.81 Damage in BRB2-Q. (a) Top, (b) Bottom 

5.7.4.4 BRB3-Q 

BRB3-Q was designed to satisfy the repair procedure stated in Chapter 4 and 

exemplified in Section 5.2.3. The same steel core area (1.2 in2) than BRB1-Q and BRB2-Q 

was specified for this brace. However, a reduced section length of 68.9 in was used for this 
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brace, resulting in a brace more flexible than BRB1-Q but stiffer than BRB2-Q as shown in 

Figure 5.82.  

   

Figure 5.82 Subassemblage test of BRB3-Q 

It is worth mentioning that a different BRB manufacturer provided this BRB. As a 

consequence, the hysteretic response for this brace shown in Figure 5.83 indicates greater 

strain hardening as compared to BRB1-Q and BRB2-Q. The response of this brace showed 

a ductile and stable hysteretic behavior but highly asymmetric in tension and compression 

strength. Peak loads of 80 kips and 124 kips were recorded in tension and compression, 

respectively. In terms of axial deformation, the brace exceeded the axial deformation 

required by the AISC seismic provisions (2010). The nominal yield deformation of the brace 

was computed as 0.10 in (2.5 mm) and the maximum deformation of the brace was 1.96 in 

(49.8 mm), which is equivalent to a ductility of 19.6. Larger deformations were not possible 

during the test due to a limitation in the maximum stroke of the LVDTs. For that reason, 

after reaching the maximum stroke of the LVDTs (2 in) cycles at an amplitude of 2Δbm 

(ductility of 15, axial deformation of 1.55 in) were performed until failure of the specimen 

was reached. Failure of the specimen was observed after 5 cycles at that amplitude.  
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Figure 5.83 Hysteretic response of BRB3-Q 

Comparing the top and bottom axial deformations of BRB3-Q shown in Figure 5.84 

indicates a symmetric distribution of axial deformations. Similar to BRB1-Q axial 

deformations tended to move out from the initial 0 value, effect that was attributed to the 

encasing system moving from its initial position.  

 

Figure 5.84 Distribution of axial deformation on BRB3-Q 

No visual damage was observed during the test. However, the significant decrease in 

axial strength shown in Figure 5.83 and a deformation larger than the measured one at the 

end of the test as shown in Figure 5.85 indicates that fracture of the steel core had occurred.  
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Figure 5.85 Damage in BRB3-Q 

Visual inspections after removing the BRB from the test setup showed that the 

gusset plates did not exhibit any damage. This result was corroborated with strain gauge 

measurements that indicated that the gussets remained elastic with a maximum strain of 

0.00134 in/in, which is lower than the strain at yield (0.00172 in/in) for ASTM A572 Gr50 

plates. It is worth mentioning that the same gusset plates were used for the three BRBs, 

showing the excellent behavior and reusability of those components. 

5.7.5 Over-strength Factors 

The tension over-strength factor, , was computed using Eq. (5.11) and the 

compression adjustment factor, , was computed using Eq. (5.12). 

 
scyy Af

T

P

T


 maxmax  (5.11) 

 
max

max

T

P
  (5.12) 

Where, Py is the nominal axial force at yield, fy is the nominal yield stress, Asc is the 

area of the steel core, Tmax is the maximum tension load at each cycle, and Pmax is the 

maximum compressive load. AISC (2010) recommends that the  factor should not exceed 
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1.3. Strength adjustment factors at different displacement ductilities are shown in Figure 5.86 

and Figure 5.87 for tension and compression, respectively. Results showed that the BRBs 

presented similar over-strength factors in tension at the same ductility, e.g. at a ductility of 

7.5 the tension adjustment factor is close to 1.2 for all the specimens. On the contrary, the 

compression factor was significantly different for all the specimens. BRB1-Q had the lowest 

compression adjustment factor with values close to 1.1 for all the considered ductilities. 

BRB3-Q had the highest compression adjustment factor at 2Δbm with a value of 1.57. This 

compression adjustment factor exceeds the limit recommended by the AISC seismic 

provisions. These results agree with the BRB response inferred during the retrofitted and 

repaired bent tests. 

 
 (a) (b) 

 
(c) 

Figure 5.86 Tension adjustment factor. (a) BRB1-Q, (b) BRB2-Q, (c) BRB3-Q 

0.80

1.00

1.20

1.40

1.60

1.80

0 5 10 15 20 25 30

T
en

si
o

n
 F

ac
to

r 
(ω

)

BRB Ductility (μ)

0.80

0.90

1.00

1.10

1.20

1.30

1.40

0 2 4 6 8 10 12

T
en

si
o

n
 F

ac
to

r 
(ω

)

BRB Ductility (μ)

0.80

1.00

1.20

1.40

1.60

0 5 10 15 20

T
en

si
o

n
 F

ac
to

r 
(ω

)

BRB Ductility (μ)



 

250 

 
 (a) (b) 

 
(c) 

Figure 5.87 Compression adjustment factor. (a) BRB1-Q, (b) BRB2-Q, (c) BRB3-Q 

5.7.6 Cumulative Inelastic Deformation and Energy Dissipation 

Cumulative inelastic deformations were calculated following the section K3 of the 

Seismic Provisions of AISC 341-10 (2010). According to the AISC seismic provision (2010), 

a BRB specimen needs to achieve a cumulative inelastic axial deformation of at least 200 

times the yield deformation. However, this level of cumulative inelastic deformation is not 

required for subassemblage tests. The cumulative inelastic axial deformation for each 

specimen at failure is indicated in Table 5.13. 

The results show that the cumulative inelastic deformation for BRB1-Q and BRB3-

Q is greater than three times of that required for qualification of BRBs, which requires a 
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cumulative inelastic deformation of at least 200Δby (AISC 341-10, 2010). On the contrary, 

the BRB2-Q attained lower cumulative deformation than that required by AISC 341-10. This 

result is consistent with the poor performance of a similar brace tested in the retrofitted case 

(Bent/BRB2). 

Table 5.13 Cumulative inelastic axial deformations 

Specimen 
Cumulative Inelastic Axial 

Deformation (x Δby) 

BRB1-Q 683 

BRB2-Q 159 

BRB3-Q 690 

 

The energy dissipation of the specimens, which was calculated using the area 

enclosed by the hysteretic curves, is depicted in Figure 5.88. Although, BRB2-Q was 

expected to reach larger axial deformations than the other two BRBs, the results showed that 

BRB2-Q dissipated less energy. This lower energy dissipation capacity was caused by the 

early failure of the steel core that this BRB presented. 

Another important parameter that demonstrates the energy dissipation capacity that 

a structural component can achieve is the hysteretic damping. The hysteretic damping for 

each specimen was calculated according to Section 5.5.5 and results are shown in Figure 

5.89. All the braces reached a minimum of 40% hysteretic damping before failing. This result 

demonstrates the excellent energy dissipation capacity that BRBs can attain. 
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 (a) (b) 

 
(c) 

Figure 5.88 Dissipated energy. (a) BRB1-Q, (b) BRB2-Q, (c) BRB3-Q 

 

Figure 5.89 Hysteretic damping of BRBs 

0

200

400

600

800

1000

1200

1400

1600

1800

0

50

100

150

200

250

1 3.8 7.5 11.3 15.0 18.8 22.5

C
u
m

u
lativ

e  E
n
erg

y
 (k

ip
-in

)D
is

si
p

at
ed

 E
n
er

g
y

 (
k
ip

-i
n

)

BRB Ductility (μ)

1st cycle 2nd cycle CDE

0

200

400

600

800

1000

1200

0

50

100

150

200

250

300

1 3.2 6.5 9.9 13.0

C
u

m
u

lativ
e  E

n
erg

y
 (k

ip
-in

)

D
is

si
p

at
ed

 E
n

er
g

y
 (

k
ip

-i
n

)

BRB Ductility (μ)

1st cycle 2nd cycle CDE

0

500

1000

1500

2000

2500

3000

0

100

200

300

400

500

600

700

1.0 3.8 7.5 11.3 15.0 18.8

C
u
m

u
lativ

e  E
n
erg

y
 (k

ip
-in

)D
is

si
p

at
ed

 E
n
er

g
y

 (
k
ip

-i
n

)

BRB Ductility (μ)

1st cycle 2nd cycle CDE

0%

10%

20%

30%

40%

50%

60%

0 5 10 15 20 25

H
y
st

er
et

ic
 D

am
p
in

g
 (
ξ h

y
st
)

BRB Ductility (μ)

BRB1-Q

BRB2-Q

BRB3-Q



 

253 

5.8 SUMMARY AND CONCLUSIONS 

Experimental evaluation of a large-scale reinforced concrete bridge bent designed to 

mimic a representative RC bent constructed in the 1950 to 1970 in the Pacific Northwest 

was presented in an effort to assess the viability and evaluate the cyclic behavior of seismic 

retrofitting and repairing with BRBs. Retrofitted, repaired and as-built cases were tested 

using cyclic loading protocols representative of the displacement demands in RC bridge 

bents subjected to subduction zone earthquakes. Two BRB retrofits were considered; 

Bent/BRB1 that was specifically designed using the fuse concept and Bent/BRB2 that 

utilized BRB of typical design proportions. A repaired bent (Bent/BRB3) was also tested. 

Based on the experiments, the following observations are made from this study: 

 The results of these large-scale experiments successfully demonstrated the 

effectiveness of utilizing BRBs for achieving high displacement ductility and energy 

dissipations in retrofitted and repaired cases, while also controlling excessive damage 

in columns and cap beam. The lack of damage and inelastic behavior of the RC 

components in Bent/BRB1 implies that no additional retrofit is needed of the RC 

column and the RC bent beam, especially when specific performance levels are 

targeted in the design using the fuse concept. 

 Repairing RC bents with BRBs proved to be an effective measure to restore the 

stiffness and strength of a damaged bent and provide high levels of energy 

dissipation. 

 The potential for improving the overall bent seismic behavior and the achieved 

performance levels with BRBs offers bridge design professionals a viable method to 

comply with serviceability criteria used in the retrofit of existing bridge bents.  
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 The incorporation of the BRB led to increasing forces in components of the RC 

bent. The experimental results showed an increase in compressive forces as 

compared to the As-Built specimen when the loading direction subjected the column 

to more compression. Furthermore, the results also showed a decrease in 

compressive forces when the loading direction was inverted. While this is not 

expected to significantly affect the column capacity for bridges, which often 

experience low axial demand/capacity ratio, additional care is recommended in the 

assessment of the footings due to the increase loading conditions. 

 No damage was observed in the gusset connection regions of the brace throughout 

the loading history, leaving the potential for rapid replaceability of the sacrificial BRB 

element after a major seismic event, and allowing for minimal interruption of service 

for the bridge. 

 A modified equation to calculate the stiffness degradation rate for BRB retrofitted 

bents was proposed by adding an exponential factor to the equation used for RC 

bents in order to account for the reduced rate in stiffness degradation. 

 The results also indicated that despite the detailing deficiencies of the multi-column 

RC bridge bent, the cyclic response of the as-built cases exhibited moderately ductile 

performance. The As-built Bent 1 specimen reached a displacement ductility of 6.7, 

which is likely the result of a relatively long lap splice length, and low axial column 

loads in the flexural dominated columns. The fact that the representative bent 

performed better than would be expected for bridges with similar detailing 

deficiencies can have potential positive impact on future retrofit plans for bridge 

owners. 
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 Qualification tests of BRBs agreed with the BRB responses and failures observed 

during the retrofitted and repaired bent tests and demonstrated the high level of 

energy dissipation that BRBs can attain. 
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6 CHAPTER 6 

NONLINEAR CHARACTERIZATION BASED ON EXPERIMENTAL RESULTS 

6.1 GENERAL 

Refined modeling techniques calibrated with experimental results are essential to 

achieve reliable displacement demands in structures subjected to strong ground motions. For 

that reason, this chapter focuses in the nonlinear characterization and modeling of buckling-

restrained braces and RC bridge bents in their as-built, retrofitted and repaired conditions. 

Refined numerical models are presented and validated in an effort to aid researchers and 

designers in performing nonlinear analyses. The parameters used in numerical modeling are 

based on the experimental results described in Chapter 5. Two software are utilized to 

perform such modeling, namely, SAP2000 and OpenSees. Nonlinear static analyses were 

performed using SAP2000 (Computers and Structures Inc., 2011) in an effort to compare 

the experimental results with a widely used commercial software. The Open System for 

Earthquake Engineering Simulation (OpenSees) software was also utilized for modeling and 

analyzing the nonlinear response of the tested specimens. OpenSees was utilized for the 

numerical simulations due to its widely use in earthquake engineering research and its wide 

range of material models, elements, and solution algorithms to model and analyze the 

nonlinear response of systems. 

In addition to that, nonlinear modeling of two representative RC bridges is presented 

to reflect the use of refined nonlinear modeling techniques based on experimental results. 

Also, the performance assessment of a representative reinforced concrete bridge bent 
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retrofitted using BRBs is investigated by performing nonlinear time history analyses. Special 

attention is put on assessing the structures subjected to subduction zone ground motions.  

6.2 NUMERICAL MODEL OF BUCKLING-RESTRAINED BRACES 

In this section, numerical models of BRBs are presented in an effort to characterize 

the response of these components recorded from the subassemblage tests presented in 

Chapter 5. Further comparisons between experimental and numerical results are also 

presented.  

6.2.1 SAP2000 Model 

Numerical models representing the subassemblage test of each BRB were performed 

in SAP2000. The nonlinear model used in this study is shown in Figure 1.1. In this model, an 

elastic column pinned at its base was used in conjunction with rigid links and a single 

element for the brace. The use of a single element for the brace does not reflect that the 

nonlinear behavior is concentrated in a yielding zone. As a result, the stiffness in the model 

needs to be modified to reflect the influence on brace stiffness caused by a reduced section 

within the brace. In this study, the stiffness of the brace was modified by changing the 

modulus of elasticity applied to the element. Thus, an equivalent modulus of elasticity (Eeq) 

was calculated using Eq. (6.1) (Zsarnoczay, 2013). 
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Where, Es is the steel modulus of elasticity (29,000 ksi); Lmodel is the BRB length used 

in the model; Lc is the length of the reduced section (yielding zone); Ltr is the length of the 
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transition section; Lel is the length of the elastic section (full zone); bc is the width of the 

reduced section; and bel is the width of the full section. 

 

Figure 6.1 SAP2000 model of subassemblage tests 

The BRB inelastic response was modeled using an axial hinge that was controlled by 

deformation. The behavior of the axial hinge was modeled as elastoplastic with hardening as 

depicted in Figure 4.11. The preliminary parameters used for modeling the three BRBs 

presented in Chapter 5, namely, BRB1-Q, BRB2-Q and BRB3-Q are indicated in Table 6.1. 

The values to define the maximum strength of the BRBs (Pad) were initially based on over-

strength factors of 1.3 in tension (ω) and 1.45 in compression (βω) as discussed in Chapter 4. 

Moreover, a maximum axial deformation equal to 15 Δby was assumed. 

Results of using those parameters are shown in Figure 6.2. Results showed that the 

numerical models underestimated the strength of the BRBs, especially in compression. This 

result was caused by two reasons. Firstly, the experimental axial strength at yield was greater 

than the nominal value for BRB1-Q and BRB2-Q. Secondly, the experimental over-strength 
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factors in tension and compression (shown in Figure 5.86 and Figure 5.87, respectively) were 

also greater than the assumed factors.  

Table 6.1 Initial parameters for nonlinear modeling of BRBs 

Specimen fy , ksi Asc , in
2 Pysc , kips Pad+ , kips Pad- , kips Δby , in 

BRB1-Q 44.2 1.2 53.0 68.9 76.9 0.046 

BRB2-Q 44.2 1.2 53.0 68.9 76.9 0.135 

BRB3-Q 43.4 1.2 52.1 67.7 75.5 0.103 

 

The model also underestimated the maximum axial deformation of BRB1-Q and 

BRB3-Q since those braces attained axial deformations equal to 22.5 and 18.8 times the yield 

deformation (Δby), which were greater than the assumed value of 15 Δby. On the contrary, the 

axial deformation of BRB2-Q was overestimated by the model since this brace failed 

unexpectedly as described in Chapter 5. 

In order to improve the numerical results, axial strength at yield, over-strength-

factors using the updated axial strength, and maximum axial deformations were modified 

based on the experimental results. Updated parameters are indicated in Table 6.2 and 

numerical results using those parameters are shown in Figure 6.3.  
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(c) 

Figure 6.2 Preliminary SAP2000 results. (a) BRB1-Q, (b) BRB2-Q, (c) BRB3-Q 

Table 6.2 Improved parameters for nonlinear modeling of BRBs 

Specimen 
Pysc , 
kips 

  
(tension) 

 
(compression) 

Δu (x 
Δby) 

BRB1-Q 64 1.33 1.46 22.5 

BRB2-Q 58 1.22 1.49 10 

BRB3-Q 52 1.54 2.39 18.8 

 

 
 (a) (b) 

-50 -25 0 25 50

-400

-300

-200

-100

0

100

200

300

400

-150

-100

-50

0

50

100

150

-2 -1.5 -1 -0.5 0 0.5 1 1.5 2

Deformation (mm)

(k
N

)

B
R

B
 A

x
ia

l 
L

o
a

d
 (

k
ip

)
Axial Deformation (in)

Experimental 

SAP2000

Yield (SAP2000)

-38 -25 -13 0 13 25 38

-445

-334

-223

-111

0

111

223

334

445

-100

-75

-50

-25

0

25

50

75

100

-1.5 -1 -0.5 0 0.5 1 1.5

Deformation (mm)

(k
N

)

B
R

B
 A

x
ia

l 
L

o
a

d
 (

k
ip

)

Axial Deformation (in)

Experimental 

SAP2000

Yield (SAP2000)

-50 -25 0 25 50

-400

-300

-200

-100

0

100

200

300

400

-90

-60

-30

0

30

60

90

-2 -1.5 -1 -0.5 0 0.5 1 1.5 2

Deformation (mm)

(k
N

)

B
R

B
 A

x
ia

l 
L

o
a

d
 (

k
ip

)

Axial Deformation(in)

Experimental 

SAP2000

Yield (SAP2000)



 

261 

 
(c) 

Figure 6.3 SAP2000 models based on experimental results. (a) BRB1-Q, (b) BRB2-Q, (c) BRB3-Q 

Numerical results demonstrated the variability that important parameters such as 

axial strength at yield, over-strength factors and ultimate deformation can have with respect 

to experimental results. In particular, the compression adjustment factor was greatly 

underestimated. 

6.2.2 OpenSees Model 

Numerical models were also performed in OpenSees (2013) due to its vast library of 

uniaxial materials and nonlinear analysis capabilities. A similar nonlinear model to the one 

used in SAP2000 (Figure 1.1) was utilized to perform cyclic pushovers based on the loading 

history applied to each BRB. The main difference with respect to the SAP2000 model was 

the use of a truss element to define each brace. The stiffness of the BRB was also modified 

through the use of an equivalent elastic stiffness as described in Section 6.2.1. 

In order to characterize the nonlinear response of the BRB two uniaxial materials 

were used, namely, Steel02 and Steel04. The Steel02 material, which is based on the Giuffré-

Menegotto-Pinto model with isotropic hardening, was used since this material has been 

widely used by researchers to model the inelastic response of BRBs (Korzekwa & Tremblay, 
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2009), (Ariyaratana & Fahnestock, 2011). In order to define the Steel02 material, a strain 

hardening ratio of 0.03 was used in all the models. The rest of the parameters are indicated 

in Table 6.3.  

Table 6.3 Steel02 parameters 

Specimen 
Parameters 

R0 CR1 CR2 a1 a2 a3 a4 

BRB1-Q 
BRB2-Q 

20 0.925 0.15 0.05 0.9 0.0 1.0 

BRB3-Q 20 0.925 0.15 0.08 0.9 0.03 0.9 

 

Where, R0, CR1 and CR2 are parameters to control the transition from elastic to 

plastic branches; and a1 to a4 are parameters to control the isotropic hardening in 

compression (a1 and a2) and in tension (a3 and a4). 

The cyclic behavior of buckling-restrained braces was also modeled using the Steel04 

and the fatigue material as proposed by Zsarnóczay (2013). According to Zsarnóczay, the 

steel04 material better represents the Bauschinger effect, limits the maximum stress that can 

be developed in the material, and by adding the fatigue material is able to limit the otherwise 

infinite deformation capacity that the Stee02 material presents. The fatigue material, which 

accounts for the effect of low cycle fatigue using Miner's rule, was defined based on the 

recommendation of Zsarnóczay (2013) in an effort to adjust the inelastic strains that occur in 

the yielding zone (reduced section) and to be consistent with the use of a single element to 

model the brace. Then, the value of strain (o) at which one cycle will cause failure was 

calculated using Eq. (6.2). In addition to that, the slope of Coffin-Manson curve in log-log 

space (m) was set to 0.4 as suggested by Zsarnóczay (2013). 
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model

14.0
L

Lc

o   (6.2) 

Where, Lc is the reduced section length and Lmodel is the length of the BRB used in 

the model. It is worth mentioning that for BRB2-Q, the maximum strain (o) was reduced to 

reflect the lower deformation capacity attained by that brace. The values of strain amplitude 

at which one complete cycle is sufficient to cause failure of the brace were set equal to 0.035 

for BRB1-Q and BRB2-Q and equal to 0.079 for BRB3-Q. 

Figure 6.4 shows the results of using Steel 02 and Steel04 plus fatigue. The numerical 

simulations using the Steel02 material showed good agreement with the experimental results. 

However, as identified by others (Zsarnoczay, 2013) this material results in infinite strength 

and deformation, which can lead to erroneous assessment of strength and deformation 

capacities in nonlinear time history analysis when not combined with other materials such as 

the fatigue material. On the contrary, the numerical simulations that were performed using 

the Steel04 plus the fatigue material agree well with experimental results in terms of 

maximum strength and ultimate deformation. Moreover, a benefit of incorporating the 

fatigue material into the model is that BRB failure was artificially captured in the model. 

Thus, the model using Steel04 plus the fatigue material is recommended to simulate the 

nonlinear behavior of BRBs. 
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(a) 

 
(b) 

 
(c) 

Figure 6.4 OpenSees simulations based on experimental results.  
(a) BRB1-Q, (b) BRB2-Q, (c) BRB3-Q 
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6.3 NUMERICAL MODEL OF LARGE-SCALE BRIDGE BENTS 

In this section, numerical models are evaluated to characterize the response of the 

large-scale RC bridge bents tested in an as-built, retrofitted and repaired states as described 

in Chapter 5. The large-scale bridge bent specimens consisted of two 18 in (457 mm) 

diameter circular columns per bent and a rectangular 18 in (457 mm) x 21 in (533 mm) cap 

beam. For the retrofitted and repaired conditions a BRB in a diagonal configuration was 

added. 

6.3.1 Sap2000 Model 

The model used for the nonlinear static analyses is depicted in Figure 6.5. In this 

model, cap beam and columns were modeled using elastic frame elements with property 

modifiers obtained from moment-curvature analysis in an effort to reflect cracked sections. 

Additional property modifiers of 0.8 and 0.5 were applied for the numerical models of As-

built bent 1 and Bent/BRB3, respectively, since those tests started from an already damaged 

state. 

The inelastic behavior of columns and cap beam was modeled assuming Mander 

concrete parametric stress-strain curve for the unconfined and confined concrete (Mander, 

et al., 1988) and the Park parametric stress-strain curve for reinforcing steel. The hinges in 

columns and cap beam were defined using an idealized moment-curvature behavior as 

described in Caltrans(2013) and were lumped at expected plastic hinge locations as shown in 

Figure 6.5. Eq. (5.4) was used to define the plastic hinge length as required by AASHTO 

(2009). In addition to the cap beam and column elements, rigid links were utilized to 

represent the beam-column joint and gusset plates. The BRB response was modeled using an 

axial hinge that was controlled by deformation as described in a previous section. The 
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parameters used for modeling the three BRBs evaluated in the retrofitted and repaired bents 

are indicated in Table 6.2. The parameters for the adjusted strength in tension (Pad+) and 

compression (Pad-) were modified based on the results obtained from the experimental 

evaluation of BRBs, namely, BRB1-Q, BRB2-Q and BRB3-Q. The stiffness in the model 

was also modified as described in Section 6.2.1. 

 

Figure 6.5 Model schematic for nonlinear static analysis in SAP2000 

Comparisons between experimental and numerical results are shown in Figure 6.6(a), 

(b), (c), (d) and (e) for Bent/BRB1, Bent/BRB2, As-Built 1, As-Built 2 and Bent/BRB3, 

respectively. Results for Bent/BRB1, which was tested up to the expected displacement 

demand under the 1000-year event (0.7 in) showed close agreement between the 

experimental and numerical load-displacement envelope curves, especially for the initial 

stiffness and yield displacement. Figure 6.6(b) compares the experimental result for the 

Bent/BRB2 with those from the pushover analysis using SAP2000. In this case, the 

numerical results agree well with the experimental results until failure of the BRB, after that 

point the model is incapable of capturing the unexpected failure for this BRB.  

Numerical simulations for As-built bent 1, As-built bent 2 and Bent/BR3 matched 

the experimental results in terms of strength and displacement capacity. Thus, the 

 

Rigid Link Potential Plastic 

Hinge 
BRB Axial Hinge 



 

267 

experimental response envelopes for the retrofitted and repaired conditions can be 

satisfactorily characterized using a relatively simple nonlinear model. 

 
 (a) (b) 

 
 (c)  (d) 

 
(e) 

Figure 6.6 SAP2000 models based on experimental results. (a) Bent/BRB1, (b) Bent/BRB2, 
(c) As-built bent 1, (d) As-built bent 2, (e) Bent/BRB3 
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6.3.2 OpenSees Model 

The large-scale bridge bents used in the experimental program were modeled using a 

distributed-plasticity method similar to the model described in Chapter 2. In this method, 

the nonlinear behavior of structural components such as columns and beams was distributed 

along the length of the member through the use of fiber-based elements and integration 

points. OpenSees (2013) was utilized for the numerical simulations. 

A schematic of the model is depicted in Figure 6.7, where force-based beam-column 

elements with six integration points between nodes were used to represent the columns and 

the cap beam. The Concrete02 with linear tension softening uniaxial material was used in 

this study to model both confined and unconfined concrete. The longitudinal reinforcing 

steel was modeled using the Hysteretic uniaxial material since it is able to capture the 

pinching behavior observed in columns with lap splices and is also capable of simulating 

strength and stiffness degradation. Fiber-based models can accurately capture the flexural 

behavior of a component. However, deformations due to shear and bond slip are not 

considered unless additional elements or stiffness modifiers are introduced into the model. 

In this study, shear deformations were introduced in the model through the use of the 

section aggregator command, in which a constant shear modulus equal to 0.2Ec was used 

following the recommendations of Elwood and Eberhard (2009). Bond slip deformations at 

the base and top of column and at the ends of the cap beam were modeled through the use 

of a zero-length section following the model proposed by Ghannoum (2007). 

As described in the previous section, the cyclic behavior of buckling-restrained 

braces was best modeled using the Steel04 and the fatigue uniaxial materials as proposed by 

Zsarnóczay (2013). A benefit of incorporating the fatigue material into the model was that 
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BRB failure was artificially captured in the model. The BRB in the model of the large-scale 

bridge bent had an effective length of 130.625 in (3318 mm) and two rigid links that 

represent the end connections (gusset plates). In order to reflect that the gusset plates were 

not connected to the columns, the rigid links were directly connected to the work points in 

the cap beam and footing as shown in Figure 6.7(b).  

 

Figure 6.7 Numerical model of tested RC bent. (a) As-built, (b) Retrofitted and repaired bents 

Results of the OpenSees simulations are shown in Figure 6.8. The results 

demonstrate that the numerical models were able to characterize the behavior of the tested 

bents. Initial stiffness, strength and deformation capacities, pinching effect, and strength and 

stiffness degradation were closely represented by the models. Figure 6.8(e) shows that the 

numerical model for the Bent/BRB3 overestimated the strength capacity of the bent when 

the BRB was in tension. This effect was presumably caused by the complexity of modeling 

the RC bent from an originally damaged state.  
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 (a) (b) 

 
 (c) (d) 

 
(e) 

Figure 6.8 OpenSees simulations based on experimental results.  
(a) Bent/BRB1, (b) Bent/BRB2, (c) As-built 1, (d) As-built 2, (e) Bent/BRB3 

-120

-80

-40

0

40

80

120

-0.8 -0.6 -0.4 -0.2 0 0.2 0.4 0.6 0.8

L
at

er
al

 L
o
ad

 (
k
ip

)

Displacement (in)

OpenSees

Experiment

-120

-80

-40

0

40

80

120

-2.5 -2 -1.5 -1 -0.5 0 0.5 1 1.5 2 2.5

L
at

er
al

 L
o
ad

 (
k
ip

)

Displacement (in)

OpenSees

Experiment

-80

-60

-40

-20

0

20

40

60

80

-8 -6 -4 -2 0 2 4 6 8

L
at

er
al

 L
o
ad

 (
k
ip

)

Displacement (in)

OpenSees

Experiment

-80

-60

-40

-20

0

20

40

60

80

-4 -3 -2 -1 0 1 2 3 4

L
at

er
al

 L
o
ad

 (
k
ip

)

Displacement (in)

OpenSees

Experiment

-150

-100

-50

0

50

100

150

-6 -4 -2 0 2 4 6

L
at

er
al

 L
o
ad

 (
k
ip

)

Displacement (in)

OpenSees

Experiment



 

271 

6.4 MODELING OF MULTI-COLUMN PRESTRESSED CONCRETE STRINGER/GIRDER 

BRIDGE 

This section presents details for modeling the components of a typical multi-column 

prestressed concrete stringer/girder (MPCG) bridge using numerical models calibrated based 

on the experimental results. 

6.4.1 Overview of As-built Numerical Model 

The numerical model for a MPCG bridge is shown in Figure 6.9. In this model, 

specific modeling approaches, which are described in following sections, were utilized to 

characterize the response of different bridge components such as abutments, bearings, 

foundation, etc., as shown in Figure 6.9(a). The dimensions for the bridge are depicted in 

Figure 6.9(b). These dimensions were utilized to represent typical dimensions observed in 

MPCG bridges of Oregon. 
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(b) 

Figure 6.9 General layout of a MPCG bridge (a) 3D Model (b) Elevation 

6.4.2 Superstructure 

6.4.2.1 General Description 

The superstructure in multi-column prestressed concrete girder bridges comprises all 

the bridge components that are located on top of the cap beam, such as girders, diaphragms 

and slab. The girders typically found in Oregon bridges consists of Type III or Type IV 

prestressed concrete girders. The slab or deck consists of a thin layer of concrete that is 

made continuous by casting it in place on top of the girders. The girders present bend bars 

extending from its top surface and shear keys in order to create a composite action between 

the girders and the deck. The deck thickness usually ranges from 5” to 8”. In this study, 

Type IV girders and a deck thickness of 7” were assumed. Additional transverse beams 

usually referred to as diaphragms are located at the end and middle of the spans in order to 

increase the stiffness of the superstructure and to make it continuous. Figure 6.10 shows a 

3D schematic of a typical superstructure for MPCG bridges. 
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Figure 6.10 Typical superstructure used in MPCG bridges 

6.4.2.2 Superstructure Model 

The superstructure was modeled using a spine-line model. In the model, elastic beam 

column elements with the properties calculated from the composite action between girders 

and deck were used. This modeling assumption was made because the superstructure is 

expected to remain in the elastic range of response during a seismic event. Specified 

compressive concrete strength, f’c, were used in order to calculate the modulus of elasticity 

and ultimately the composite properties. Values of 3,300 psi and 6,000 psi were used for the 

slab and girders, respectively. The elastic element was defined using the values given in Table 

2.1. Since a spine model was used to model the superstructure, seven intermediate nodes, i.e. 

8 elements, were utilized to lump the masses based on tributary volume of the system. This 

discretization approximates the translational distributed mass of the bridge. Additional 

rotational mass was added in the model in order to characterize the torsional properties of 

the superstructure. The rotational mass, Mrot, was assigned according to Eq. (6.3) (Aviram, et 

al., 2008). 
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Where, M is the mass of the superstructure segment that is tributary to the node, 

m/L is the mass per unit length, Ltrib is the tributary length of any specific node, and dw is the 

superstructure width. The elastic elements were placed 44 inches above the cap beam to 

reflect the centroid of the superstructure. 

Table 6.4 Superstructure modeling parameters for MPCG Bridge 

Description Value 

Cross-sectional area  6883 in2 

Modulus of elasticity (E) 3274 ksi 

Shear modulus (G) 1364 ksi 

Second moment of area about the local z axis (Iz) 3.646 x 106 in4 

Second moment of area about the local y axis (Iy) 1.158 x 108 in4 

Torsional moment of inertia (J) 2.985 x 105 in4 

Weight of superstructure + overlay and barriers 
(kip/in) 

0.77 

Superstructure width (in) 360 

Centroid from bottom of girder 44 in 

 

6.4.3 RC Bent 

6.4.3.1 General Description 

The representative reinforced concrete bent corresponds to an existing RC multi-

column bridge bent constructed in the 1950 to mid-1970 in the state of Oregon. As many of 

the bridge structures built at that time in the Pacific Northwest, the bridge substructure was 

designed and built with minimum seismic considerations. This resulted in inadequate 

transverse reinforcement, no seismic detailing, and lap-splices of length from 20 to 40 times 

the diameter of the longitudinal reinforcing steel (db) in expected plastic hinge zones. 

The prototype bridge bent consists of two circular columns per bent, a rectangular 

cap beam and rectangular pile cap footings. The column longitudinal reinforcement ratio is 



 

275 

ρL = 1.2%, which is just above the minimum required by AASHTO (2009). The provided 

column shear reinforcement and confinement does not meet code requirements since #4 

circular hoops spaced at 12 in were provided. The cap beam has premature termination of 

top reinforcement and low quantity of bottom steel reinforcement at the ends of the span, 

which might result in the formation of premature hinges in the cap beam at the column face. 

Moreover, lap splices of 40 db can be found at the base of columns and no seismic detailing 

was specified. The specified material properties for the representative bridge were 3.3 ksi as 

compressive strength of concrete at 28 days and Grade 40 steel. Typical details for the 

representative two column RC bridge bent are illustrated in Figure 4.14. 

6.4.3.2 Bent Model 

The model to characterize the response of the representative bent was based on the 

model presented in Section 6.3.2, which was calibrated with the experimental tests of large-

scale RC bent specimens. As a consequence, the numerical model for the MPCG bridge bent 

consisted of force-based fiber beam-column elements in conjunction with rigid links and 

zero length sections as shown in Figure 6.11. The discretization of the fibers comprised the 

use of 16 core radial subdivisions, 2 cover radial subdivision, and 36 core and cover 

transverse subdivisions for the column, and 28 by 22 subdivisions for the bent cap. The 

expected hysteretic behavior of the bent numerical model under the subduction loading 

protocol described in Chapter 2 is shown in Figure 6.12. A comparison with a pushover 

performed in SAP2000 is shown in the same figure. That comparison shows a good 

agreement in the initial force-displacement behavior captured for both software, and 

indicates that the response obtained using SAP2000 represents an approximate envelope of 

the hysteretic behavior obtained using OpenSees. 
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Figure 6.11 Numerical model for MPCG bridge bents 

 

Figure 6.12 Expected force-displacement behavior 

For the nonlinear time history analyses, 5% Rayleigh damping was used and 

additional rotational mass was added in the model in order to characterize the torsional 

properties of the columns. The rotational mass, Mrot-col, was assigned according to Eq. (6.4) 

(Aviram, et al., 2008). 
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Where, M is the mass of the column segment that is tributary to the node, m/L is the 

mass per unit length, Ltrib is the tributary length of any specific node, and Dcol is the column 

diameter. 

6.4.4 Foundations 

6.4.4.1 General Description 

Although the foundation type in bridge varies from pile foundation systems to 

spread footings. Typical MPCG bridges present pile foundations, which consist of a pile cap 

and a group of piles as illustrated in Figure 6.13(a). The piles commonly found in Oregon’s 

MPCG bridges comprise steel H-piles, which are driven deep into the ground with the 

primary purpose of resisting vertical loads. However, they also provide a mechanism to resist 

horizontal loads. The vertical load resisting mechanism of the pile foundation can be created 

from the friction between the pile and the surrounding soil or from end bearing capacity. H-

piles are usually considered for a design load between 80 kips and 500 kips, and they are 

commonly used as end bearing piles. In this study, five piles 10 BP42 (area = 12.4 in2) 

ASTM A-36 were utilized in the pile foundation system. The distance between piles, the 

dimensions of the square pile cap, and the steel reinforcement of the pile cap are shown in 

Figure 6.13(b). The poor reinforcement provided to the footing added to the low 

embedment length of the piles, which varies from 6” to 12”, into the pile cap make the 

foundation of pre-1970 bridges vulnerable to damage after a seismic event.  
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 (a)  (b) 

Figure 6.13 Typical foundations used in MPCG bridges (a) 3D schematic (b) Elevation 

6.4.4.2 Foundation Model 

Two models were utilized to represent the foundation behavior. The first model 

comprised the use of fixed foundations to represent foundations in competent soil or 

foundations that have been previously retrofitted. The second numerical model, also known 

as substructure method (Wolf, 1985), was created using linear and non-linear springs that 

takes into account the contribution of the pile group and the pile cap, and tries to realistically 

capture the foundation flexibility . Both fixed and spring models are depicted in Figure 6.14. 

A linear spring was used to represent the vertical stiffness of the pile group. The 

vertical stiffness of each pile is difficult to estimate since a length of pile needs to be 

assumed. In this study, an axial stiffness of 1030 kip/in was computed for a single pile 

following the recommendation of ODOT (2015). On the other hand, non-linear 

translational and rotational springs were used to represent the horizontal and rotational 

stiffness of the footing.  

Translational stiffness was computed including the total lateral pile stiffness plus the 

stiffness provided by the passive soil stiffness acting on the face of the pile cap. Single pile 
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stiffness equal to 34 kip/in and 25 kip/in were used for the strong and weak orientation of 

the pile as per ODOT (2015). 

  

 (a)  (b) 

Figure 6.14 Numerical models for pile foundations used in this study.  
(a) Fixed model, (b) Flexible model 

The pile cap horizontal stiffness was calculated using Eq. (6.5), which is usually used 

for spread footings, with the exception that the stiffness contribution along the base of the 

pile cap was neglected.  
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Where, α and β are correction factor obtained from graphs (ODOT, 2015), G is the 

shear modulus, R is the equivalent footing radius, and υ is the Poisson’s ratio. Values for α, β, 

R, G, and υ of 1.02, 1.5-1.0, 42.3 in, 1100 ksf (7.6 ksi), and 0.35 were used, respectively, 

which gives a pile cap stiffness of 795 kip/in. Therefore, total horizontal stiffness of 965 

kip/in and 920 kip/in for longitudinal and transverse directions, respectively, were used per 

footing. The nominal translational capacity of the pile-supported cap footing was calculated 

using the nominal passive resistance of the pile cap, neglecting the resistance from the base, 

plus the resistance of the piles. Nominal pile translational capacities per pile of 29 kips and 
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17 kips were used for strong and weak axis, respectively. Only passive resistance developed 

on the front face of the footing was considered and was computed as 35 kips. As a result, a 

total resistance equal to 120 kip/footing was utilized. 

Rotational stiffness was calculated using Eq. (6.6) (Priestley, et al., 1996). 

 



n

i

iiaxialrot xKk
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,  (6.6) 

Where, Kaxial,i is the axial stiffness of the ith pile and xi is the distance from the 

centroid of the pile group to the ith pile. As a result, a rotational spring constant of 2.275x106 

kip-in/rad for each footing and a moment capacity of 11,750 kip-in was used. The springs in 

the OpenSees model were incorporated using zero length elements. 

6.4.5 Elastomeric Bearing Pads 

6.4.5.1 General Description 

Elastomeric bearing pads were commonly used in prestressed concreted bridges built 

pre-1970 in the State of Oregon. The typical composition of these elastomeric bearings 

comprises a rubber or neoprene pad and steel dowels that are embedded into the pier cap 

and into the underside of the prestressed concrete girder as shown in Figure 6.15. These type 

of bearings transfer the horizontal forces from the prestressed concrete girder to the cap 

beam by friction in the elastomeric pad and by a beam type action of the steel dowel, which 

provides a restraining mechanism for the lateral and vertical movement. Previous studies and 

reconnaissance efforts have shown that elastomeric bearings have performed relatively well 

during seismic events. However, cases of bearing failure known as “walk-out”, which occurs 

when the bearing is not properly secured, have been reported by Imbsen & Nutt(1981). 
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Typical elastomeric bearing pad sizes found in MPCG bridges varies from 1’-10” to 

2’-2” long, 6” to 8” wide and ¾” to 1” thick as shown in Figure 6.16. The diameter of the 

steel dowel also varies from 1” to 1-1/2”. In addition to that, the steel dowels are inserted 

into a hole that is ¼” larger than the steel dowel. 

 

Figure 6.15 Elastomeric bearing pad configuration used in MPCG bridges 

 

Figure 6.16 Typical elastomeric pad sizes 

6.4.5.2 Elastomeric Bearing Model 

Both the elastomeric pad and the steel dowel contributes to the behavior of the 

bearing under lateral loading. Therefore, each component needs to be characterized in order 

to model the response of the bearing. The elastomeric pads, as previously mentioned, 
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transfer the loads by friction and their behavior is controlled by sliding. The sliding behavior 

is highly dependent on the initial stiffness and the coefficient of friction between the 

elastomeric pad and the surrounding concrete. Once this coefficient of friction is exceeded 

the stiffness of the bearing pad tends to zero (Schrage, 1981). The initial stiffness, ki-pad, is 

calculated using Eq. (6.7) (Choi, 2002) 

 
h

GA
k padi 

 (6.7) 

Where, G is the shear modulus, A is the area of the elastomeric bearing, and h is the 

thickness. Values of area and thickness can be easily obtained from drawings of typical 

bridges found in Oregon. However, the shear modulus, G, was assumed from previous 

studies. Following the recommendation of Choi (2002) and Nielson (2005), values for the 

shear modulus G varies from 96 psi to 300 psi and is highly dependent on the hardness of 

the elastomeric pad. This study is focused on bridges built prior 1970. Consequently, a high 

level of hardness is expected in the elastomeric pads. For modeling purposes, values of 250 

psi, 168 in2, and 0.75 in were assumed for the shear modulus, area, and thickness of the 

elastomeric pads, respectively. 

The coefficient of friction depends on the normal stress on the bearing, σn (in psi), 

and based on experiments carried out by Schrage (1981) is calculated using Eq. (6.8). In this 

study, a normal stress, σn, equal to 200 psi was used. As a result, a coefficient of friction of 

0.34 and an initial stiffness of 56 kip/in were used.  

 

n



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(6.8) 

The maximum frictional force, Fpad, developed in the elastomeric pad is obtained by 

multiplying the coefficient of friction, μ, between the elastomeric pad and the surrounding 
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concrete, and the normal force, N, applied on the bearing. As previously mentioned, once 

this force is exceeded the stiffness drops to zero, as a consequence, the behavior of the 

elastomeric pad can be characterized with an elastic perfectly-plastic response. In order to 

achieve this behavior, the elastomeric pad was modeled in OpenSees using the steel01 

uniaxial material with an initial stiffness of 56 kip/in, a strain hardening ratio equal to 0, and 

a force at which the material reaches the plastic state given by Fpad = μN as shown in Figure 

6.17. 

 

Figure 6.17 Hysteretic behavior of elastomeric pad 

The steel dowels, which restrict the movement between the cap beam and the 

girders, vary in diameter from 1” to 1-1/2”. An elastic behavior of the steel dowel is 

expected under normal load conditions. However, under seismic events, incursions in the 

nonlinear range are expected (Nielson, 2005). The estimated strength of the dowel was 

calculated using Eq. (6.9), which assumes that pure shear controls the capacity of the dowel.  

 
bsdowel AfF  6.0  (6.9) 

Where, fs is the stress in the steel and Ab is the cross-sectional area of the dowel. 

Values of 36 ksi, 60 ksi, and 1.77 in2 were used as yield stress, ultimate stress, and area of the 

steel dowel, respectively. As a result, the estimated yield and ultimate strength was 38.2 kips 

and 63.7 kips, respectively. Values of 0.1db and 0.4db were used to estimate the yield and 
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ultimate displacements based on the diameter of the steel dowel, db. In order to model the 

behavior of the steel dowel in OpenSees, the Hysteretic uniaxial material was utilized as 

depicted in Figure 6.18. A gap of 1/8” was included in the behavior to represent the 

influence of the oversized hole. The pinching parameters, pinchx and pinchy were set equal 

to 1.0 and 0.0, respectively, in order to represent the desired response. Additionally, the 

parameters damage1, damage2 and beta were set equal to 0.  

 

Figure 6.18 Hysteretic behavior of a steel dowel 

The final implementation of the bearing response in OpenSees was accomplished by 

adding both the steel01 material and the hysteretic material with gaps into a parallel uniaxial 

material, which in the model was represented by a zero length element. The elastomeric 

bearing behavior is shown in Figure 6.19. 

 

Figure 6.19 Hysteretic behavior of elastomeric bearings 
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The implementation of the bearings in the overall bridge model was accomplished by 

using rigid links and zero length elements as shown in Figure 6.20. It is worth noting that at 

some supports the steel dowel was not utilized in order to reflect a free end. In those cases, 

the bearing behavior was only characterized with the elastic perfectly plastic response of the 

elastomeric pad by using the steel01 material as shown in Figure 6.17. 

 

Figure 6.20 Numerical model for bearings 

6.4.6 Abutments 

6.4.6.1 General Description 

Diaphragm abutments on steel piles as shown in Figure 6.21(a) were the focus of this 

study since they are commonly found in pre-1970 Oregon bridges. These abutments provide 

vertical support to the bridge superstructure and connect the bridge road with the roadway 

approaches. This type of abutment is typically cast monolithically with the deck/slab creating 

an integral or semi-integral abutment capable of engaging the soil passive resistance when 

the diaphragm is pressed into the backfill soil, which in turns provides passive longitudinal 

resistance. In addition to this passive resistance, these type of abutments also rely in the 

response provided by piles driven deep into the soil. Pile resistance contribution is 

particularly important when the abutment is pulled away from the backfill. In the transverse 
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direction, the passive pressure of the backfill soil is usually low enough to neglect it 

depending on the existence of a large wing wall (Priestley, et al., 1996).  

Figure 6.21(b) shows typical dimensions and configuration of a semi-integral 

diaphragm abutment found in MPCG bridges. A moment release is placed in the connection 

between the diaphragm and the pile cap in order to alleviate the thermal and live load 

demands transferred from the system to the pile cap. This connection is possible by inserting 

an expanded polystyrene in the interface between superstructure and pile cap, and a bearing 

support. Steel H-pile 10BP42 were found to be representative of the piles used in Oregon. 

 
(a) 

 
(b) 

Figure 6.21 Typical abutments used in MPCG bridges (a) 3D schematic (b) Elevation 
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6.4.6.2 Abutment Model 

Abutments are an important component of highway bridges and can significantly 

affect the response of the system by providing longitudinal and transverse stiffness. 

Therefore, modeling the contribution of abutments is of vital importance to assess the 

overall bridge seismic response. Previous studies have found that abutment behavior, soil-

structure interaction and embankment flexibility significantly influence the response of short 

and medium span bridges with a relatively stiff superstructure (Wilson & Tan, 1990), (Goel 

& Chopra, 1997), (Aviram, et al., 2008); (Shamsabadi, et al., 2007); (Shamsabadi, et al., 2010). 

Moreover, Kotsoglou & Pantazopoulou (2009) determined that embankment flexibility and 

soil mobilization of the embankment under large seismic demands can considerably increase 

the displacement demands in bridge bents of RC bridges with integral abutments supported 

on flexible pile foundations. Bridge–embankment interaction is a problem of considerable 

complexity and focus of many ongoing research studies. In this study, a spring model is used 

following the recommendation of Aviram et al. (2008). The spring model used in this study 

was based on the model developed by Mackie and Stojadinovic (2006) with the modeling 

characterization and parameters suggested by Choi (2002) and Shamsabadi et al. (2010) for 

pile response and backfill soil response, respectively. In this model, the longitudinal response 

of the abutment considers the contribution of elastomeric bearing pads, backfill passive 

pressure and abutment piles. In the transverse direction, the response is based on the 

behavior of elastomeric bearing pads and abutment piles. The contribution of wingwalls in 

the transverse response was neglected since Caltrans (2013) pointed out that the effect of 

wingwalls decreases as the width of the abutment increases. The response of each 
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component is captured by using nonlinear springs, which are described in subsequent 

paragraphs. 

The piles, as stated previously, were modeled using the trilinear representation 

proposed by Choi (2002). The original model assumed that piles become plastic at a 

deformation of 1 in and that first yielding occurs at 0.3 in. However, that assumption 

generated a contradiction between the effective stiffness and the ultimate strength. In order 

to overcome that problem, the deformation at which the piles become plastic was computed 

dividing the ultimate strength of the pile by the pile effective stiffness. The pile effective 

stiffness and strength were the same as the ones used in the foundation model. The trilinear 

model is depicted in Figure 6.22. The Hysteretic material assigned to a zero length element 

was utilized to model the pile response in OpenSees. 

 

Figure 6.22 Tri-linear response for piles (Choi, 2002) 

In order to capture the backwall-soil interaction, the hyperbolic soil model proposed 

by Shamsabadi et al. (2007) and (2010) was used. This model was calibrated with full-scale 

tests performed at the University of California, Los Angeles (UCLA), for seat type 
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abutments with granular backfill, and at the University of California, Davis (UCD), for 

integral abutments with cohesive backfill. Both tests comprised abutments 66” tall, which is 

similar to the backwall height found in typical MPCG bridges as shown in Figure 6.21.  

Figure 6.23 shows the abutment force-displacement backbone, where K is the 

average soil stiffness, Fult is the maximum abutment force, ymax is the maximum displacement, 

and yave is the displacement corresponding to half the maximum force. The hyperbolic 

response can be obtained using Eq. (6.10) and (6.11) for abutments 66 in tall and different 

backfill soils. The ultimate force, Fult, was computed assuming that the maximum 

displacement of the backwall is 0.05 the abutment height (H) for granular backfills and 0.1H 

for cohesive backfills. Using those values for ymax and Eq. (6.10) and (6.11) for granular soil 

and cohesive soil, respectively, the ultimate force was computed as 30 kips per foot of wall 

for both backfill soils. The average soil stiffness, K, can be assumed as 50 kip/in/ft and 25 

kip/in/ft for granular and cohesive backfills, respectively (Shamsabadi, et al., 2007). 
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Figure 6.23 Hyperbolic response for abutment backwall (Shamsabadi, et al., 2007) 
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The Hyperbolic Gap Material assigned to a zero length element was utilized in 

OpenSees to capture the abutment response. Cohesive backfill was assumed in this study. 

Values of 25 kip/in/ft and 30 kips per foot of abutment width were utilized to represent the 

average stiffness and the ultimate (maximum) passive resistance, respectively. The gap 

assumed in the model was set equal to zero in order to reflect the diaphragm abutment. 

Figure 6.24 shows the numerical model used in OpenSees. A 5 kip-s2/in concentrated mass 

at the abutments was used in order to capture the additional inertial force that is generated at 

the abutment-embankment interaction during an earthquake (Mackie & Stojadinovic, 2006). 

 

Figure 6.24 Numerical model for abutments 

6.4.7 Nonlinear Time History Analysis (NLTHA) 

In order to study the nonlinear response of the representative MPCG bridge, 

nonlinear time history analyses of a three dimensional bridge model were performed in 

OpenSees (2013) using the aforementioned component modeling for superstructure, 

bearings, RC bent, footings and abutments. The ground motions used in the NLTHA were 

selected from the Maule, Chile M8.8 earthquake in an effort to simulate a potential Cascadia 

Subduction scenario and the 1000-year event described in Chapter 4. With that aim, ground 

motions recorded at the Curico station were used in the transverse and longitudinal direction 
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of the bridge as shown in Figure 6.25(a) and (b), respectively. The 5% damped response 

spectrum of the ground motions is depicted in Figure 6.25(c) and is compared to the 1000-

year event. 

  
 (a) (b) 

 
(c) 

Figure 6.25 Ground motions used in NLTHA of 3D bridge models.  
(a) Transverse direction, (b) Longitudinal direction, (c) Response Spectrum 

Results obtained of performing nonlinear time history analysis in the representative 

MPCG bridge model with fixed supports and no additional mass from the embankments are 

shown in Figure 6.26(a) and (b) for bents in the transverse and longitudinal direction, 

respectively. The response of the abutments that is shown in Figure 6.26(c) and (d) 

corresponds to the response of the backfill and a single pile, respectively. The results indicate 

that the bridge has displacement demands of 2.9 inches in the transverse direction and 1.8 

inches in the longitudinal direction.  
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Figure 6.26(c) shows that the abutment response in the transverse direction is 

controlled by the hysteretic response of the piles. Significant inelastic excursions are 

expected in the piles. In the longitudinal direction, the backfill, as expected, acts when it is 

compressed and limits the maximum displacement in the longitudinal direction.  

  
 (a) (b) 

 
 (c) (d) 

Figure 6.26 Results of NLTHA for MCCG bridge with fixed supports. 
(a) Bent-Transverse, (b) Bent-Longitudinal, (c) Abutment-Backfill, (d) Abutment-Pile 

Results of considering an additional concentrated mass of 5 kip-s2/in at the 

abutments (Mackie & Stojadinovic, 2006) are depicted in Figure 6.27. In this case, the bridge 

has displacement demands of 3.3 in and 2.5 in in the transverse and longitudinal direction, 

respectively. In the transverse direction, strength and stiffness degradation was observed at a 

displacement ductility demand of 2.8. This result implies that adding the concentrated mass 
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at the abutments increases the displacement demands in both directions. In particular, the 

displacement demand in the RC bents increased 14% and 39% with respect to the case 

without additional mass in the transverse and longitudinal direction, respectively.  

  
 (a) (b) 

 
 (c) (d) 

Figure 6.27 Results of NLTHA for MCCG bridge with additional mass at abutments. 
(a) Bent-Transverse, (b) Bent-Longitudinal, (c) Abutment-Transverse, (d) Abutment-Longitudinal 

Results considering foundation flexibility (spring-model) are depicted in Figure 6.28. 

In this case, displacement demands of 4.0 inches in the transverse direction and 1.7 inches in 

the longitudinal direction were recorded. These results indicate an increase on displacement 

demand of 48% in the transverse direction and a reduction of 6% in the longitudinal 

direction with respect to the fixed condition. 
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Thus, retrofitting this RC bent with BRBs may reduce the displacement demands in 

the transverse direction on both RC bents and abutments. 

  
 (a) (b) 

  
 (c) (d) 

Figure 6.28 Results of NLTHA for MCCG bridge with spring foundations.  
(a) Bent-Transverse, (b) Bent-Longitudinal, (c) Abutment-Transverse, (d) Abutment-Longitudinal 

6.5 MODELING OF MULTI-COLUMN CONCRETE CONTINUOUS STRINGER/GIRDER 

BRIDGE 

This section presents details for modeling the components of a typical multi-column 

concrete continuous stringer/girder (MCCG) bridge based on experimental results presented 
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6.5.1 Overview of As-built Numerical Model 

The numerical model for the MCCG bridge is shown in Figure 6.29. In this model, 

specific modeling approaches, which are described in following sections, were utilized to 

characterize the response of different bridge components such as abutments and 

foundations, as shown in Figure 6.29(a). The dimensions for the bridge are depicted in 

Figure 6.29(b). These dimensions were utilized to represent typical dimensions observed in 

MCCG bridges of Oregon. 

 

 
(a) 

 
(b) 

Figure 6.29 General layout of a MCCG bridge (a) 3D Model (b) Elevation 
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6.5.2 Superstructure 

6.5.2.1 General Description 

The superstructure of MCCG bridges consists of continuous girders/beams, a 

slab/deck, a wearing surface, parapets, and diaphragms or transverse beams as depicted in 

Figure 6.30. The dimensions of these elements vary from bridge-to-bridge. The slab 

thickness usually ranges from 5” to 8”. In this study, a slab thickness of 7” was assumed. 

Continuous girders with a cross section of 16.5’x 30” were assumed. Additional transverse 

beams usually referred as diaphragms are located at the end and middle of the spans in order 

to increase the stiffness of the superstructure and avoid excessive deflections caused by the 

live loads. 

6.5.2.2 Superstructure Model 

The superstructure was characterized using a simple spine model since modeling the 

superstructure with three-dimensional finite elements (solids or plates) is not typically 

necessary for the seismic analysis of a medium span bridge with a rigid superstructure. In the 

spine model the members of the superstructure are assumed to create a composite action 

and are consolidated into one element, hereinafter referred to as deck. The location of the 

deck in the model was calculated considering all the components of the superstructure in 

order to simulate the center of mass (C.M.) of the system. Translational and rotational mass 

were assigned to each node based on tributary volume associated with the node. 

Under seismic loadings the deck is assumed to behave essentially elastic. Therefore, 

the deck was modeled in OpenSees (2013) using the Elastic Beam Column element. In order 

to represent the stiffness and mass distribution of the superstructure, the deck was defined 

using the values given in Table 6.5. 
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Figure 6.30 General layout (a) 3D Model (b) Elevation 

Table 6.5 Superstructure modeling parameters for MCCG Bridge 

Description Value 

Cross-sectional area  5256 in2 

Modulus of elasticity (E) 3274 ksi 

Shear modulus (G) 1364 ksi 

Second moment of area about the local z axis (Iz) 6.897x105 in4 

Second moment of area about the local y axis (Iy) 8.506x107 in4 

Torsional moment of inertia (J) 2.224x105 in4 

Weight of superstructure + overlay and barriers 
(kip/in) 

0.74 

Centroid from bottom of girder 65 in 

 

6.5.3 Bent 

6.5.3.1 General Description 

The representative MCCG Bridge bent consists of two square columns per bent and 

a rectangular cap beam. Specified materials comprise 3.3 ksi and 40 ksi for the compressive 

strength of concrete and yield stress of steel, respectively. The column longitudinal 

reinforcing steel consists of 4 #10 rebars. Typically, #3 or #4 hoops at 12 inches on center 

were provided in columns regardless of the column cross-sectional dimensions. As a 
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consequence, the provided column shear reinforcement and confinement does not meet 

current code requirements. The stirrups were anchored by 90o hooks with short extensions 

and intermediate ties were seldom used. Minimal restraint provided by the hoops can cause 

the longitudinal reinforcement to buckle once the concrete cover spalls. Furthermore, 

bridges built prior to 1970 have undesirable lap splices at the base of the columns. The lap 

splice detailing combined with the poor transverse reinforcing may cause reduced column 

strength and ductility, and result in rapid deterioration of flexural strength. Typical details for 

the representative multi-span continuous stringer/girder RC bridge bent are illustrated in 

Figure 4.20. 

6.5.3.2 Bent Model 

The model to characterize the response of the representative MCCG bent was based 

on the distributed-plasticity model presented in Chapter 2, which was calibrated with 

experimental tests of full-scale RC square columns. The numerical model for the MCCG 

bridge columns consisted of force-based fiber beam-column elements, rigid links and zero 

length sections as shown in Figure 6.31. The discretization of the column fibers comprised 

the use of 24 cover subdivisions in the local-y direction, 24 cover subdivisions in the local-z 

direction, and 20 core subdivisions. On the other hand, an elastic beam element was used to 

represent the behavior of the bent cap since in MCCG bridges the cap beam acts 

monolithically with the superstructure where yielding is not expected. Material properties for 

of 4.95 ksi and 48 ksi were used to represent the compressive strength of concrete and the 

yield stress of steel, respectively. 
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Figure 6.31 Numerical model for MCCG bridge bent 

The expected hysteretic behavior of the bent under the subduction loading protocol 

described in Chapter 2 is shown in Figure 6.32. A comparison with a pushover performed in 

SAP2000 shows a good agreement in the initial stiffness of the bent. However, there is a 

difference in the maximum strength captured for each model. This difference is caused by 

the assumptions made in first place. The OpenSees model was based on experimental tests 

of full-scale square columns, which showed that the subduction protocol causes an early 

bond degradation at the base of the columns that in turns inhibits the full development of 

the force transferred through the lap splice. On the other hand, the SAP2000 model was 

performed according conventional static non-linear analysis. 
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Figure 6.32 Expected force-displacement behavior 

6.5.4 Foundation 

6.5.4.1 General Description 

MCCG bridges built in Oregon prior to 1970 present spread foundations or pile 

foundations depending on site conditions. In this study, square spread footings as depicted 

in Figure 6.33(a) were utilized to represent the dimensions and properties of typical 

foundations found in three span multi-column continuous concrete girder bridges. These 

footings consist of 90 in square footing with a depth of 24 in as shown in Figure 6.33(b). 

 

 (a) (b) 

Figure 6.33 Typical foundations used in MCCG bridges (a) 3D schematic (b) Elevation 
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6.5.4.2 Foundation Model 

The MCCG foundation model considered one model with fixed foundations and 

one model with translational and rotational springs similarly to the model for the MPCG pile 

footing (Figure 6.14). The first model tries to represent footings built into a rock mass with a 

modulus of elasticity greater than 14,000 ksf. The translational and rotational stiffness of the 

second model were computed using Eq. (6.12) to (6.15) and typical values recommended by 

ODOT (2015) for dense granular fill. Result of using these equations are indicated in Table 

6.6. 
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Where, α and β are correction factors obtained from graphs, G is the shear modulus, 

and υ is the Poisson’s ratio. Values for α, β, G, and υ of 1.02, 1.6, 1100 ksf (7.6 ksi), and 0.35 

were used, respectively. The value of R, which is the equivalent footing radius, varies 

depending on the considered direction. For a 90 in square footing, the equivalent radius was 

computed using Eq. (6.16) and (6.17). Where, L is half the footing width. 
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Table 6.6 Stiffness of spread footing 

Stiffness Value 

Vertical 3877 kip/in 

Horizontal 3055 kip/in 

Rotational 8.983x106 kip-in/rad 

Torsional 6.910 x106 kip-in/rad 

 

6.5.5 Abutments 

6.5.5.1 General Description 

Pre-1970 MCCG bridges built in Oregon generally present integral or semi-integral 

abutments on piles. In this study, the semi-integral abutment configuration depicted in 

Figure 6.34(a) was utilized to represent the typical abutment found in three span multi-

column continuous concrete girder bridges. Figure 6.34(b) shows the abutment details, 

where a moment release can be observed between the diaphragm and the pile cap. The 

connection consists of placing a steel dowel, a mastic, and a shear key. This connection is 

made with the aim of alleviating the thermal and live load demands that are transferred to 

pile cap and piles. 

6.5.5.2 Abutment Model 

A spring model was used to represent the behavior of MCCG abutments. The spring 

abutment model for MCCG bridges is similar to the one presented for MPCG bridges in 

Figure 6.24, excepting that the bearing pad was not considered in this case. In addition to 

that, the hyperbolic force-displacement that captures the abutment response in the 

longitudinal direction was adjusted to reflect the difference in heights between the UCD full-

scale tests and the effective abutment height of the representative MCCG bridge. This 

adjustment was accomplished by assuming an effective abutment height equal to 39 in and 
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using the height-adjustment factors developed by Shamsabadi et al. (2010). Consequently, a 

maximum abutment backwall force of 18.2 kips/ft was used. 

  

 (a) (b) 

Figure 6.34 Typical abutments used in MCCG bridges (a) 3D schematic (b) Elevation 

6.5.6 Nonlinear Time History Results 

In order to study the nonlinear response of MCCG Bridge, a nonlinear time history 

analysis of a three dimensional bridge model was performed in OpenSees (2013) using the 

aforementioned component modeling for superstructure, RC bent, footings and abutments. 

The ground motions used in the NLTHA were identical to the one used for the MPCG 

bridge. 

Results obtained of performing nonlinear time history analysis in the representative 

MCCG bridge model with fixed supports and no additional mass from the embankments are 

shown in Figure 6.35(a), (b), (c) and (d) for bents and abutments in the transverse and 

longitudinal direction, respectively. The results indicate that the bridge has displacement 

demands of 3.6 inches in the transverse direction and 1.9 inches in the longitudinal direction. 

Figure 6.36(c) shows that the abutment response in the transverse direction is controlled, as 

expected, by the hysteretic response of the piles. Moreover, significant inelastic excursions 
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are expected in the abutments especially in the transverse direction. Thus, retrofitting this 

RC bent with BRBs may reduce the displacement demands in the transverse direction on 

both RC bents and abutments. 

  
 (a) (b) 

 
 (c) (d) 

Figure 6.35 Results of NLTHA for MCCG bridge with fixed supports. 
(a) Bent-Transverse, (b) Bent-Longitudinal, (c) Abutment-Transverse, (d) Abutment-Longitudinal 

Results of considering an additional concentrated mass of 5 kip-s2/in at the 

abutments (Mackie & Stojadinovic, 2006) are depicted in Figure 6.36. In this case, the bridge 

has displacement demands of 4 inches on both directions, showing slightly more strength 

and stiffness degradation in the transverse direction. This result implies that adding this 

concentrated mass at the abutments significantly affects the displacement demands in the 

longitudinal direction, which increased more than 100% with respect to the case without 
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additional mass. Significant inelastic excursions are expected in the abutment on both 

directions. 

  
 (a) (b) 

 
 (c) (d) 

Figure 6.36 Results of NLTHA for MCCG bridge with additional mass at abutments. 
(a) Bent-Transverse, (b) Bent-Longitudinal, (c) Abutment-Transverse, (d) Abutment-Longitudinal 

Results considering flexibility on the foundations (spring-model) are depicted in 

Figure 6.37. These results show a slightly increase on displacement demands on both 

transverse and longitudinal demands of bents and abutments. In this case, displacement 

demands of 3.7 inches in the transverse direction and 1.9 inches in the longitudinal direction 

were recorded. This negligible variation with respect to the results of the fixed support was 

presumably caused by assuming granular dense soil for calculating the linear stiffness of the 

footings, which resulted in very stiff foundations.  
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 (a) (b) 

 
 (c) (d) 

Figure 6.37 Results of NLTHA for MCCG bridge with spring foundations.  
(a) Bent-Transverse, (b) Bent-Longitudinal, (c) Abutment-Transverse, (d) Abutment-Longitudinal 

6.6 CASE STUDY OF RETROFITTED BENT 

Nonlinear response analysis has been widely used to assess the performance of 

structures by the earthquake engineering community. In this section, the performance 

assessment of a representative reinforced concrete bridge bent retrofitted using BRBs is 

investigated performing nonlinear time history analysis. The refined numerical model 

presented in Section 6.3.2 was used to perform such nonlinear analyses. Special attention is 

put on assessing the bridge bent subjected to subduction zone ground motions. 
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The representative reinforced concrete bent corresponds to an existing RC multi-

column bridge bent constructed in the 1950 to mid-1970 in the state of Oregon. As many of 

the bridge structures built at that time in the Pacific Northwest, the bridge substructure was 

designed and built with minimum seismic considerations. The prototype bridge bent model 

consists of two circular columns per bent, a rectangular cap beam and rectangular pile cap 

footings as shown in Figure 6.38. Force-based beam-column elements with six integration 

points between nodes were used to represent the columns and the cap beam. The BRB in 

the model of the prototype bridge bent had an effective length of 261 in and two rigid links 

that represent the end connections (gusset plates). Fixed based supports were assumed at the 

base of the columns. Fundamental periods of 0.5 sec and 0.26 sec were computed for the 

As-built and the retrofitted bent, respectively. 

 

Figure 6.38 Numerical model for case study 
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Six unscaled ground motions were used to evaluate the performance of the typical 

RC bridge bent in an effort to represent the 1000-year event described in Chapter 4. The 

ground motions were selected from crustal and subduction sources. Ground motions 

recorded at the Capitola station during the 1989 Loma Prieta earthquake were selected to 

represent the crustal source. Four subduction ground motions were selected from the 2010 

Maule, Chile and 2011 Tohoku, Japan earthquakes as presented in Table 6.7. Ground 

motions with different NEHRP site classes were used with the aim of representing different 

soil conditions.  

Table 6.7 also shows the duration of the ground motion records. Even though, there 

is not a wide consensus in the duration definition of a ground motion, in this study two 

duration metrics were used, namely, bracketed duration and significant duration.  

Bracketed duration was taken as the time interval from the first to the last occurrence of an 

acceleration of 0.05 g. Significant duration was taken as the time interval from 5% to 95% of 

the total energy. From Table 6.7 it can be observed that subduction ground motions have 

longer duration than crustal ground motions. This longer duration implies more inelastic 

cycles imposed in the structure as described in Chapter 2 and may lead to more damage and 

risk of collapse (Chandramohan, et al., 2015), (Raghunandan & Liel, 2013). 

Figure 6.39 shows the 5% damped response spectrum of the six ground motions 

used in this study. Moreover, three response spectrum representing the 500-year event 

(operational criteria), the 1000-year event (life safety criteria), and the maximum considered 

earthquake (MCE) are presented in Figure 6.39. The 1000-year event was based on the 84th 

percentile of the response spectrum of numerous bridges in the state of Oregon in an effort 

of representing the seismic demand of a vast number of bridges. 
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Table 6.7 Ground motion records used in the case study 

Earthquake Station 
Magnitude 

(Mw) 
Component 

PGA 
(g) 

Bracketed 
Duration 

(sec) 

Significant 
Duration 

(sec) 

Loma Prieta 
(Crustal) 

Capitola 6.9 
00 (X) 0.53 25 12 

90 (Y) 0.44 20 13 

Maule, Chile 
(Subduction) 

Curico 8.8 
EW (X) 0.41 91 52 

NS (Y) 0.47 91 50 

Tohoku, 
Japan 

(Subduction) 
Kakuda 9.0 

EW (X) 0.36 140 130 

NS (Y) 0.32 208 227 

 

 

Figure 6.39 Ground motion records and response spectrum for 5% damping 

In order to perform the nonlinear time history analysis, a 5% tangent-stiffness elastic 

damping was assigned to the RC elements in order to represent damping in the initial stages 

of response. No Rayleigh damping was used for the BRB, instead energy dissipation through 

hysteretic damping was assumed to be well captured by the numerical model. 

The results of the analysis (Figure 6.40) show that the As-built bent exhibits strength 

deterioration as well as hysteretic pinching, which is expected in inadequately detailed 

reinforced concrete elements. The retrofit hysteresis on the other hand exhibit hysteretic 
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behavior with much reduced strength degradation or pinching. The subduction ground 

motions, namely, Curico and Kakuda, subjected both the As-built bent and the retrofitted 

bent to many more inelastic cycles of small amplitude as compared to the crustal ground 

motion. Consequently, the As-built bent subjected to the CapitolaX ground motion did not 

show clear signs of deterioration from one cycle to the next, which is known as cyclic 

deterioration, but instead it showed in-cycle deterioration. On the other hand, the Kakuda 

ground motions subjected the As-built bent to many inelastic cycles causing an increase in 

cyclic deterioration. Further, based on the numerical results the KakudaY ground motion 

would cause severe damage and even collapse of the bent. This result can be a consequence 

of the long duration and distinctive site condition (NEHRP class E) of the Kakuda ground 

motions. Comparing the behavior of the retrofitted bent and the as-built bent, it can be 

observed that for the selected ground motions, the retrofitting technique was able to 

effectively reduce the drift demands and provide a ductile response. Ductility demand ratios 

over 8 were calculated for the retrofitted bent in all the cases. 

Results at component level are shown in Figure 6.41. These results show that the 

BRBs performed, as expected, with stable hysteretic behavior and wide loops that reflect the 

good energy dissipation capacity of those components. Further, Figure 6.41 also shows that 

BRBs subjected to subduction ground motions underwent significantly more inelastic 

excursions of low amplitude. 
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 (a) (b) 

Figure 6.40 Results of nonlinear analysis. (a) As-built bent, (b) Retrofitted bent 
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Figure 6.41 Response of BRBs in the nonlinear analysis 

Maximum drift comparisons are summarized in Figure 6.42, comparing the 

performance between the As-built and retrofitted bent responses. Retrofitting the As-built 

bent with buckling-restrained braces was an effective measure to reduce the drift demands 

more than 1%, consequently limiting the damage of the As-built bent components. A 

comparison with the two-level performance criteria required by the state of Oregon, which is 

based on strain limitations for concrete and steel, is also depicted in Figure 6.42. This figure 

demonstrates that an operational performance level of response can be achieved for ground 

motions targeting the 1000-year event, and even for the MCE event if we take into account 

that for the retrofitted bent, which has a fundamental period of 0.26 sec, the demands 

generated from the Capitola and Curico ground motions would be close to the demands 

calculated from the MCE response spectrum shown in Figure 6.39. 
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Figure 6.42 Toward Operational performance level 

Interestingly, the retrofit technique was more effective for the case where the As-

built bent had the greatest demand, i.e. for the KakudaY ground motion. This is most likely 

caused by the shift in fundamental period and consequently the reduction in the demands 

for shorter period structures in that record as shown in Figure 6.39, and can imply that when 

soil effects are expected to amplify the demands for medium and long period structures, 

retrofitting them with a stiff and ductile hysteretic damper can be an effective retrofit option.  

6.7 SUMMARY  

Numerical models were developed in SAP2000 and OpenSees in order to 

characterize the nonlinear response of buckling-restrained braces and RC bridge bents in 

their as-built, retrofitted and repaired conditions. In addition to that, nonlinear modeling of 

two representative RC bridges was presented to reflect the use of refined nonlinear modeling 

techniques in the assessment of bridges. Finally, a case study of a representative RC bridge 

bent retrofitted with BRBs was investigated based on the suggested nonlinear models.  
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Numerical results showed the importance of modeling the rate of strength and 

stiffness deterioration in RC bridges. This is of paramount importance in regions susceptible 

to be struck by subduction zone mega earthquakes since the faster the rate of deterioration 

the more significant the expected effect of number of inelastic cycles on column behavior. 

The numerical results also showed that the models could provide a reasonable 

approximation of the nonlinear behavior of the BRBs and bents, including stiffness and 

strength degradation. This demonstrates the potential of these models to be used in the 

numerical assessment of substandard reinforced concrete bridges. 

The numerical case study showed that by implementing buckling-restrained braces, 

the retrofitted bent was significantly stiffer than the as-built bent and yet provided for ductile 

response without significant damage to the concrete elements. Thus, adding BRBs in RC 

bridge bent can be a suitable retrofit measure for successfully achieving performance based 

dual-level design approaches. 
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7 CHAPTER 7 

SEISMIC FRAGILITY ASSESSMENT 

7.1 GENERAL 

The economic impact that a severe earthquake has on a highway network has led 

governmental entities and research groups to develop reliable methods for the damage 

assessment of components and highway structures in general. One of these methodologies is 

to base the damage assessment in fragility curves. Bridge damage fragility curves describe the 

conditional probability of exceeding a level of direct or indirect bridge damage for a given 

level of seismic hazard. Nowadays, fragility curves have emerged as an important decision 

tool to prioritize bridge retrofitting and estimate potential losses during and after a major 

earthquake. 

In this chapter a brief state of the art in bridge fragility curve development is 

presented, limitations of each fragility development method are discussed, and fragility 

curves for a representative bridge bent in its as built and retrofitted conditions are developed 

by using analytical methods. In order to develop those fragility curves actual subduction 

zone strong motion records in conjunction with nonlinear analyses performed in SAP2000 

and OpenSees were used. 
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7.2 SEISMIC FRAGILITY 

Seismic fragility analysis was born as a consequence of lifeline earthquake 

engineering. Current highway structure design methodologies are trending to performance-

based design, in which fragility curves play an important role of describing the performance 

of a structure or component at different levels of a selected seismic intensity measure 

(Mackie and Stojadinovic 2005). The fragility of a structure or component can be expressed 

as a conditional probability that a defined limit state (LS) is exceeded for a given level of 

ground motion intensity (IM), as follows: 

  IMLSPFragility   (7.1) 

7.1 FRAGILITY DEVELOPMENT METHODS 

The development of fragility cures has been widely discussed in the literature 

(Shinozuka, Feng and Lee, et al. 2000), (Stojadinović and Mackie 2007), (Vosooghi and Saiid 

Saiidi 2012) and several methods have been applied for its development. Fragility 

development methods can be categorized in empirical methods, experimental methods, 

expert opinions, and analytical methods. A detailed literature review of fragility curves 

development methods can be found in Padgett (2007), and in Billah and Alam (2014). 

7.1.1 Empirical Methods 

Empirical fragility curves are developed by utilizing observed damage data during 

past earthquakes. These damage data was collected primarily during the 1971 San Fernando 

earthquake, 1989 Loma Prieta earthquake, and the 1994 Northridge earthquake, which 

showed the high vulnerability of deficient bridges subjected to strong ground motions.  
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Empirical fragility curve development is relatively straightforward since earthquake damage 

reports are used to establish the relationship between the ground motion intensity and the 

damage state of each bridge. 

Several reasearchers have conducted studies to develop bridge fragility curves by 

statistically analyzing empirical damage data from damage reports (Basoz and Kiremidjian 

1998), (Yamazaki, Ohnishi and Tayama 1999), (Shinozuka, Feng and Lee, et al. 2000). 

Despite empirical methods may represent a more realistic approach due to the use of 

actual damage reports, they lack generality and have a large degree of uncertainty, which is 

primarily due to potential discrepancies in damage observation between inspection teams. 

7.1.2 Expert Opinion 

In this method the opinion of experts is collected and analyzed to estimate structural 

damages. The expert opinion is usually considered through surveys, which are then analyzed 

and represented in a damage probability matrix describing damage state for different levels 

of ground motion intensity. Finally, the probability matrix generated from the survey results 

is used for developing the fragility curves (ATC 1991), (Grossi 2000). 

The expert opinion is the only source for the development of fragility curves. As a 

result, this method depends on the experience of the engineer and the number of expert’s 

opinion gathered, which can lead to largely bias fragility curves and question its reliability. 

7.1.3 Experimental Methodology 

In this method the results from large-scale or full-scale experiments are needed for 

the development of fragility curves. Vosooghi and Saiidi (2012) developed experimental 

fragility curves for reinforced concrete bridge columns based on data from 32 bridge column 

models tested on shake tables. However, a lack of data at the same damage state is evident 
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due to the limited amount of large scale testing. This lack of data highly limits the application 

of the experimental fragility curves. 

7.1.4 Analytical Methods 

7.1.4.1 Elastic Spectral Analysis 

In this method the capacity/demand ratio of different components are determined 

to evaluate their potential seismic damage. In order to develop fragility curves using this 

method, damage states are defined and correlated to the capacity/demand ratio of the 

component via statistical analysis. The capacity/demand ratios are obtained using elastic 

spectral analysis (Hwang, Jernigan and Lin 1999) (Hwang, Jernigan and Lin 2000) (Hwang, 

Liu and Chiu 2001). 

Despite the easy implementation of this method, its limitation is apparent at not be 

able to account for nonlinear behavior. 

7.1.4.2 Nonlinear Static Analysis (NSA) 

Nonlinear static analysis (NSA), also called Pushover analysis, is used in conjuntion 

with probabilistic analysis to determine fragility curves (Mander and Basöz 1999), 

(Shinozuka, Feng and Kim, et al. 2000), (Liao and Loh 2004).  

In this method, uncertainty in capacity and demand is considered by plotting log-

normal distributions over the capacity and demand curves. For a particular intensity measure 

(IM) the probability of failure can be estimated by using the intersection of capacity and 

demand distribution as shown in Figure 7.1. Finally, the fragility curves can be generated by 

increasing the level of intensity measure and measuring the response at various damage states 

(DS).  
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Shinozuka et al. (2000) examined fragility curves of a bridge by time history analysis 

and the capacity spectrum method which is one of the nonlinear static procedures developed 

for buildings. Their comparison of fragility curves generated by the nonlinear static 

procedure with those by time-history analysis indicated that there was good agreement for 

the state of minor damage, but not as good for the state of major damage where nonlinear 

effects played an important role. However, they also concluded that even for the state of 

major state the agreement between the fragility curves based on NSA and nonlinear time 

history analysis was adequate considering the large number of assumptions that are 

performed for obtaining the fragility curves. 

 

Figure 7.1 Capacity vs demand spectra showing uncertainty in structural behavior and ground motion 
response (FHWA 2006) 

This method overcomes the deficiencies of performing an elastic spectral analysis by 

considering the nonlinearity of materials. However, in this method not all nonlinear effects 

are considered, which limits its application. 

7.1.4.3 Nonlinear Time History Analysis (NLTHA) 

Nonlinear time histories are used to construct analytical fragility curves. In this 

method ground motion time histories are selected to represent the seismic hazard at a 

specific area of interest. Nonlinear time histories analysis are conducted to obtain the 



 

320 

response of the structure in study. Damage states and intensity measures are defined to 

quantify the damage undergone by the structure. Probabilistic analysis of the median and 

log-standard deviation parameters are then estimated by maximum likelihood procedure and 

the fragility curves are generated. (Shinozuka, Feng and Kim, et al. 2000), (Hwang, Liu and 

Chiu 2001), (Shinozuka, et al., 2001), (DesRoches, Nielson and Choi 2003), (Pan 2007), 

(Nielson and DesRoches 2007), (Simon, Bracci and Gardoni 2010). 

Despite of being the most computationally demanding and time consuming, this 

method is the most reliable one for generating fragility curves. 

7.1.5 Fragility Curves for Retrofitted Bridges 

Currently, limited bridge fragility has been developed for retrofitted bridges since 

most of fragility curve development has been focused on the as-built condition of bridges. 

Some of the researches focused on fragility curves of retrofitted RC bridges are summarized 

below. 

Shinozuka et al (2002) developed fragility curves for two retrofitted bridges by means 

of steel jacketing of columns. In order to develop the fragility curves, they used SAP2000 for 

modeling the bridges and sixty ground motion recordings representative of Los Angeles. 

Padgett (2005), (Padgett, 2007) reviewed bridge seismic retrofit practice in the 

Central and Southeastern United States. Padgett used 48 strong ground motions as a seismic 

hazard and the Open System for Earthquake Engineering Simulation (OpenSees) 

computational analysis program to model the bridges. Non-linear time history analysis were 

conducted to capture parameters of interest for each component. The fragility was modeled 

by a lognormal cumulative distribution function where the structural demand and capacity 

were assumed to be lognormal distributed. 
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Padgett and DesRoches (2007), (2008), (2009) presented an analytical methodology 

for developing fragility curves for retrofitted bridge systems for the Central and Southeastern 

U.S. Since there were no records of strong motions in that area, they used two suites of 

synthetic ground motions for the study.  

Billah et al. (2012), (2014) developed fragility curves for retrofitted multicolumn 

bridge bents subjected to near-fault and far field ground motions using a probabilistic 

seismic demand model and incremental dynamic analyses (IDA). The retrofit measures 

considered in that study were concrete jacketing, steel jacketing, carbon fiber reinforced 

polymer (CFRP) jacketing, and cementitious composite jacket. The results, as anticipated, 

showed that the bent retrofitted with concrete jacketing was more vulnerable to seismic 

ground motions. On the contrary, the bent retrofitted with CFRP and cementitious 

composite showed less vulnerability under both far-field and near-fault earthquakes. 

7.2 FRAGILITY CURVES FOR REPRESENTATIVE BRIDGE BENT 

In this study, nonlinear analysis is used to evaluate the seismic fragility of the 

representative bridge bent built prior 1970 in the State of Oregon, as described in Chapter 4, 

and its retrofitted state with buckling-restrained braces. Two-dimensional (2D) finite-

element model scheme modeled in SAP2000 and OpenSees, which were described in 

Chapter 6, were used in the analytical modeling because of the good agreement between 

experimental and analytical results for the retrofitted and as-built condition. Moreover, for 

simplicity, the bridge bent is assumed to be supported on rigid foundations. 

Two methodologies for fragility curve development are used in this study. Firstly, 

fragility curves were developed using SAP2000 and the method proposed by Shinozuka et al. 

(2000), which is based on a Capacity Spectrum method using nonlinear static analysis. 
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Secondly, incremental dynamic analysis (IDA) (Luco & Cornell, 1998), (Vamvatsikos & 

Cornell, 2002) were used to develop fragility curves. In this method, a series of nonlinear 

time history analysis are performed at increasing levels of ground motions in an effort to 

capture the entire range of nonlinear response of a structure, from elastic behavior until 

failure, under earthquake actions. 

7.2.1 Strong Ground Motions 

A total of 30 ground motions, of which 10 are from the Tohoku earthquake M9.0, 

10 from the Maule, Chile earthquake M8.8, and 10 from the Valparaiso, Chile earthquake 

M7.8 were utilized to evaluate the likelihood of exceeding the seismic capacity of the bridge 

bent in an effort to represent a potential Cascadia earthquake scenario. The seismic actions 

were represented by means of 5% damped elastic response spectra as shown in Figure 7.2. 

The records selected for performance assessment of RC bridge bents are listed in  

 

Figure 7.2 Response spectra for the 30 time histories used in this study (5%damping) 

7.2.2 Damage States 

Damage states (DS) for a bridge component should provide a useful qualitative and 

quantitative representation for that component. These DS are often based on visual 

representations or strain and stress levels obtained from experimental studies. In this work, 
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the engineering demand parameter (EDP) used for measuring the damage state of the bridge 

bent was displacement ductility, µ. The EDP values are based on available literature (Hwang, 

et al., 2001) and the experimental results presented in Chapter 5. The values for the EDP are 

shown in Table 7.2. The displacement ductility for the damage state of collapse was adapted 

to the maximum ductility of the representative bridge bent. 

Table 7.1 Selected earthquake ground motion records 

Earthquake Station PGAx PGAy 

Valparaiso 
Chile 

Rapel 0.09 0.22 

Pichilemu 0.18 0.26 

San Felipe 0.31 0.43 

San Fernando 0.34 0.29 

Viña del Mar 0.24 0.36 

Maule 
Chile 

Constitucion 0.54 0.35 

Curico 0.41 0.47 

Stgo. Centro 0.21 0.31 

Viña, Centro 0.33 0.22 

Viña, El Salto 0.34 0.35 

Tohoku 
Japan 

Iitate 0.51 0.58 

Sukagawa 0.50 0.69 

Takahagi 0.60 0.53 

Nakoso 0.27 0.39 

Mizusawa 0.37 0.21 

 

Table 7.2 Damage states for fragility curve development 

EDP 
Damage States 

Slight Moderate Extensive Collapse 

Displacement ductility (μ) μ > 1 μ > 1.4 μ > 2 μ > 4.5 
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7.2.3 Fragility Curves 

7.2.3.1 Nonlinear static analysis (Pushover) 

Nonlinear static analyses were performed in SAP2000 by using characteristic material 

properties for reinforcing steel and concrete, and the model described in Chapter 6. 

For a given damage state, the fragility curve defines the conditional probability that 

the damage state be equaled or exceeded as a function of an intensity measure (IM). 

Following the work carried out by Shinozuka et al. (2000), the intensity measure considered 

in this study was the peak ground acceleration (PGA). The strong ground motion time 

histories were scaled to specific PGAs. The PGA ranged from 0.05g to 0.8g in increments of 

0.1g. (e.g. 0.05, 0.1, 0.2… 0.8g). For each group of PGA the mean and the mean ± 1σ 

(standard deviation) was calculated. This process generated three elastic acceleration 

response spectra, and consequently three spectral displacements were determined by 

intersecting the capacity spectrum with the demand spectrum. The displacement demands 

determined from this process are depicted in Figure 7.3 and Figure 7.4 for the as-built RC 

bridge bent and retrofitted bent, respectively. Since the distribution of spectral displacement 

was not symmetric, different standard deviations (σ+ and σ-) were determined. 

 

Figure 7.3 Performance displacement of as-built RC bridge bent 

0

0.5

1

1.5

2

2.5

3

3.5

4

4.5

0 0.2 0.4 0.6 0.8 1

S
p

ec
tr

al
 D

is
p

la
ce

m
en

t 
(i

n
)

PGA (g)

Mean

Mean + 1σ

Mean - 1σ



 

325 

 

Figure 7.4 Performance displacement of retrofitted RC bridge bent 

In this study the displacement ductility was determined by dividing the spectral 

displacement by the equivalent spectral displacement at yield. Thus, the displacement 

ductility has mean 𝜇𝑑̅̅ ̅ and standard deviation, σ, redefined as √𝜎+ ∙ 𝜎−.  

Eq. (7.2) defines the fragility curve. 
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Where, Φ is the standardized normal distribution function, µd is the displacement 

demand ductility, µ is the displacement demand capacity shown in Table 7.2, ξ and c are the 

standard deviations and the mean values of the corresponding normal distribution. As 

proposed by Shinozuka et al. (2000), the standard deviation ξ and the mean 𝑐 at each PGA 

can be obtained from Eq. (7.3) and (7.4), respectively. 
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The probability of exceedance for the selected damage states is depicted in Figure 7.5 and 

Figure 7.6 for the as-built RC bent and its retrofitted condition, respectively. It is worth 

noting, that the displacement ductility for the retrofitted case was performed with respect to 
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the yield displacement of the as-built bent instead of the yield displacement of the BRB. 

Fragility curves for the selected damage states are summarized in Figure 7.7 for the as-built 

and retrofitted cases. These figures showed that the representative as-built RC bridge bent 

has a high probability of reaching a moderate level of damage for ground motions with PGA 

over 0.3g, and extensive damage for PGAs over 0.4g. For the retrofitted bent, high 

probability of damage for moderate and extensive damage states are reached for PGAs over 

0.7g. Moreover, the collapse damage state, as desired in the retrofitted case, has a low 

probability for even PGAs over 0.7g. 

 
 (a) (b) 

 
 (c) (d) 

Figure 7.5 Fragility curves for representative as-built RC bridge bent for damage state: (a) Slight, (b) 
Moderate, (c) Extensive, (d) Collapse. 
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 (a) (b) 

 

 
 (c) (d) 

Figure 7.6 Fragility curves for retrofitted RC bridge bent for damage state: (a) Slight, (b) Moderate, 
(c) Extensive, (d) Collapse. 

 
 (a) (b) 

Figure 7.7 Fragility curves. (a) As-built bent, (b) Retrofitted bent 
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Median values and dispersion for each damage state are shown in Table 7.3 and 

Table 7.4 for the as-built and retrofitted bent, respectively. Comparison of the median values 

for the as-built state to the retrofitted state is shown in Figure 7.8. As can be observed in the 

figure, the retrofitted state presents a reduced probability of damage for all the damage states 

as compared to the as-built condition. Moreover, the median PGA value, which represents a 

probability of exceedance of 50%, for the retrofitted bent is more than twice that the one for 

the as-built bent. This result implies, as expected, the retrofitted bridge bent is less 

vulnerable to seismic actions than the as-built bent. 

Table 7.3 Fragility curve values for representative RC bridge bent 

Parameter 
Damage States 

Slight Moderate Extensive Collapse 

Median 0.18 0.22 0.27 0.48 

Dispersion 0.38 0.30 0.31 0.38 

 

Table 7.4 Fragility curve values for retrofitted RC bridge bent 

Parameter 
Damage States 

Slight Moderate Extensive Collapse 

Median 0.42 0.46 0.57 1.1 

Dispersion 0.36 0.34 0.31 0.55 

 

Figure 7.8 Comparison of median values of PGA for representative RC bridge bent 
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7.2.3.2 Nonlinear Time History Analysis 

The objective of this section is to perform fragility based seismic performance of a 

representative RC bridge bents in its as-built and retrofitted state by performing incremental 

dynamic analysis. Figure 7.9 illustrates the methodology adopted in this study. In this 

methodology, the nonlinear characterization using OpenSees was utilized to perform 

NLTHA at increasing levels of ground motion intensity. Peak ground acceleration was used 

as the intensity measure (IM) as suggested by Padgett et al. (2008). In order to be consistent 

with the fragility curves developed using nonlinear static analysis in SAP2000, the 

engineering demand parameter (EDP) used for measuring the damage state of the bridge 

bent was displacement ductility, µ. Then, using the IDA method the fragility curves can be 

obtained using the damage probability at a given IM level. This damage probability is 

calculated as the ratio of the number of damage cases “ni” for the damage state “i” over the 

number of total simulation cases N as shown in Eq. (7.5) (Zhang & Huo, 2009).  

   )41(  i
N

n
IMLSDIP i

i
 (7.5) 

In this study, a log-normal cumulative distribution function using Eq. (7.6) was fitted 

to the data in order to generate the IDA fragility curves using the maximum likelihood 

method as suggested by Baker (2015). 
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Where, λ and ξ are the standard deviation and mean value of IM to reach the 

specified damage state. 



 

330 

 

Figure 7.9 Methodology for seismic risk assessment of RC bridge bents 

Fragility curves for the selected damage states obtained using NLTHA are shown in 

Figure 7.10 for the as-built and retrofitted cases. These figures showed that the as-built RC 

bridge bent has a high probability (>80%) of reaching a moderate level of damage for 

ground motions with PGA over 0.3g, and extensive damage for PGAs over 0.4g. For the 

retrofitted bent, high probability of damage for moderate and extensive damage states are 

reached for PGAs over 0.7g. Moreover, for the retrofitted bent collapse damage state has a 

low probability for even PGAs over 0.7g. Median values and dispersion for each damage 

state are shown in Table 7.5 and Table 7.6 for the as-built and retrofitted bent, respectively. 

Median values using NLTHA agree with the results obtained using NSA. Thus, results show 

that the retrofitted bridge bent is less vulnerable to seismic actions than the as-built bent. 
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 (a) (b) 

Figure 7.10 Fragility curves. (a) As-built bent, (b) Retrofitted bent 

Table 7.5 Fragility curve values for representative RC bridge bent 

Parameter 
Damage States 

Slight Moderate Extensive Collapse 

Median 0.11 0.17 0.28 0.52 

Dispersion 0.52 0.55 0.52 0.51 

 

Table 7.6 Fragility curve values for retrofitted RC bridge bent 

Parameter 
Damage States 

Slight Moderate Extensive Collapse 

Median 0.39 0.50 0.61 0.85 

Dispersion 0.37 0.37 0.39 0.34 

 

7.3 SUMMARY  

Fragility curves for a seismically deficient RC bridge bent and the bent retrofitted 

with buckling-restrained braces were developed. The methodology used for the development 

of the fragility curves involved the use of 30 subduction zone ground motions and the use of 

nonlinear analytical models. The analytical methods used in the study were nonlinear static 

analysis (pushover) performed in SAP2000 following the study carried out by Shinozuka et 

0

0.1

0.2

0.3

0.4

0.5

0.6

0.7

0.8

0.9

1

0 0.2 0.4 0.6 0.8 1

P
ro

b
ab

il
it

y
 o

f 
D

am
ag

e

PGA (g)

Slight

Moderate

Extensive

Collapse

0

0.1

0.2

0.3

0.4

0.5

0.6

0.7

0.8

0.9

1

0 0.2 0.4 0.6 0.8 1

P
ro

b
ab

il
it

y
 o

f 
D

am
ag

e

PGA (g)

Slight

Moderate

Extensive

Collapse



 

332 

al. (2000), and NLTHA performed in OpenSees using incremental dynamic analysis. The 

NSA method was selected due to its simplicity and the good agreement between the 

experimental results shown in a previous chapter and the analytical results computed by 

means of pushover analysis. While, IDA analyses were performed to better capture the 

nonlinearity of the materials, and strength and stiffness deterioration due to the greater 

number of inelastic cycles that the structure would undergo when subjected to subduction 

zone ground motions. Through the process, the impact of the retrofit measure and the 

vulnerability of the as built bridge bent was evaluated. 

The numerical results showed that the representative as-built bridge bent is more 

susceptible to subduction zone ground motions as compared to the response of the RC bent 

retrofitted with buckling-restrained braces. As a result, the analysis of the fragility curves 

revealed the effectiveness of the proposed retrofit measure in mitigating probable damage 

undergo by the structure during a major seismic event. The fragility curves and the retrofit 

measure as presented in this study aim to improve the criteria for retrofitting prioritization, 

estimation of potential losses and help with the decision of selecting a suitable retrofit 

measure in areas prone to subduction zone mega earthquakes.  
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8 CHAPTER 8  

CONCLUSIONS AND FUTURE WORK 

8.1 CONCLUSIONS 

Quasi-static loading protocols were developed to represent the increase of 

cumulative inelastic demands in reinforced concrete bridge columns. The inelastic time 

history results from a degrading numerical model in conjunction with the simplified rainflow 

counting procedure were used for the development of the protocols. The proposed loading 

protocols include a larger number of small amplitude inelastic cycles as compared to 

conventional protocols, revealing that conventional loading protocols commonly used in 

experimental testing tend to impose unrepresentative drift demands through imposing 

numerous large inelastic reversals on the component. Despite the higher number of large 

inelastic cycles, the overall normalized cumulative plastic displacement demands were similar 

when compared to the proposed protocols. 

A representative pre-1970 lightly reinforced and lap-spliced bridge column was 

studied to observe the effect of the proposed protocols on the behavior of reinforced 

concrete bridge columns. Experimental results of deficient square RC columns showed that 

the proposed subduction protocols influenced the response of reinforced concrete columns 

due to an increase in the overall number of inelastic cycles. This influence in response was 

observed in a reduced displacement capacity and strength resistance of the column subjected 

to one of the subduction protocols as compared to a conventional protocol. The 

experimental results of this study indicated that square columns present in bridges built 
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before 1970 in the Pacific Northwest have unexpected deformation capacity. This 

moderately ductile performance was predominantly observed in columns with low axial load 

level (0.07 f’c Ag) and low longitudinal steel reinforcement ratio (ρ = 1.2%). In addition to 

the experimental results, a numerical case study showed the importance of modeling the rate 

of strength and stiffness deterioration in RC bridges. This is of paramount importance in 

regions susceptible to be struck by subduction zone mega earthquakes since the faster the 

rate of deterioration the more significant the expected effect of number of inelastic cycles on 

column behavior. Both lumped and distributed-plasticity numerical models were able to 

reasonably reproduce the initial stiffness, and strength as well as the stiffness degradation of 

the specimens. This demonstrates the potential of these models to be used in the numerical 

assessment of reinforced concrete bridges. Severe degradation parameters were needed to 

appropriately capture the damage on substandard columns. Since pre-1970 columns were 

built without seismic detailing, the behavior of these columns is expected to be represented 

by λ values near 2 in the lumped-plasticity model. In the distributed-plasticity model, values 

of 0.006 and 0.002 for the damage1 and damage2, respectively, were suggested. These higher 

damage parameters should be incorporated in areas where subduction earthquakes are 

expected. Thus, the assessment of RC bridge columns through representative testing load 

protocols would play a key role in the future establishment of limit states, failure modes and 

acceptance criteria to be applied in the design of bridge columns and should be considered 

when megathrust subduction earthquake hazard affects the design criteria.  

The design implementation of buckling-restrained braces as a transverse direction 

retrofit and repair measure for reinforced concrete multi-column bridge bents was presented 

through 4 main steps, which are assessment of the as-built bent, BRB design, design of 
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connections and capacity check. The limit states for the connection were also outlined. The 

design concept aims to concentrate all the induced energy during an earthquake event in 

disposable elements, while the reinforced concrete bent behavior is essentially in the elastic 

range. Based on this retrofit strategy, case studies of two representative bridges found in 

Oregon were discussed. The numerical results showed that by implementing buckling-

restrained braces, the retrofitted and repaired bent was significantly stiffer than the as-built 

bent and yet provided for ductile response without significant damage to the concrete 

elements and could be a suitable retrofit measure for successfully achieving performance 

based dual-level design approaches. 

The experimental results of seismic performances of seismically deficient bridge 

bents retrofitted and repaired using buckling-restrained braces in a diagonal configuration 

were presented. Retrofitted, repaired and as-built cases were tested using cyclic loading 

protocols representative of the displacement demands in RC bridge bents subjected to 

subduction zone earthquakes. The retrofitted RC bridge bent was designed to perform 

elastically or with minor inelastic excursions within the original bent throughout the different 

seismic hazard design levels. Two BRB designs were considered in the retrofitted study in an 

effort to assess the influence of BRB stiffness on the overall structural performance. One 

BRB design was considered in the repaired condition. A novel gusset plate to RC bent 

connection was used, in which the gusset plates were directly connected to the horizontal 

RC elements without interfering with the columns. The results of these large-scale 

experiments successfully demonstrated the effectiveness of utilizing buckling-restrained 

braces for achieving high displacement ductility of the retrofitted and repaired structure, 

while also controlling the damage of the existing vulnerable reinforced concrete bent up to 
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the design performance levels. Further, the experimental results showed that the BRB 

retrofit measure can achieve operational performance levels under both design levels, and 

repairing RC bents with BRBs proved to be an effective measure to restore the stiffness and 

strength of a damaged bent and provide high levels of energy dissipation.  

The incorporation of the BRB also led to increasing forces in components of the RC 

bent. While this is not expected to significantly affect the column capacity for bridges, which 

often experience low axial demand/capacity ratio, additional care is recommended in the 

assessment of the footings due to the increase loading conditions. No damage was observed 

in the connection regions of the brace throughout the loading history, leaving the potential 

for replaceability of the sacrificial BRB element. The potential for improving the overall 

seismic behavior and the design performance levels with BRBs offers bridge design 

professionals a viable method for performance driven retrofit of multi-column reinforced 

concrete bridge bents. 

A modified equation to calculate the stiffness degradation rate for BRB retrofitted 

bents was proposed by adding an exponential factor to the equation used for RC bents in 

order to account for the reduced rate in stiffness degradation. 

The experimental results also indicated that despite the detailing deficiencies of the 

multi-column RC bridge bent built before 1970 in the Pacific Northwest, the cyclic response 

of the bent exhibited moderately ductile performance. The moderately ductile response was 

a result of a relatively long lap splice length and low axial column loads. 

Subassemblage tests of three buckling-restrained braces were conducted in an effort 

to study the response of these elements. Results from those tests agreed with the BRB 
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responses and failures observed during the retrofitted and repaired bent tests and 

demonstrated the high level of energy dissipation that BRBs can attain. 

Numerical models were developed in SAP2000 and OpenSees in order to 

characterize the nonlinear response of buckling-restrained braces and RC bridge bents in 

their as-built, retrofitted and repaired conditions. The numerical results showed that the 

models could provide a reasonable approximation of the nonlinear behavior of the BRBs 

and bents, including stiffness and strength degradation. A numerical case study of a 

retrofitted bent showed that when soil effects are expected to amplify the demands for 

medium and long period structures, retrofitting them with a stiff and ductile hysteretic 

damper can be an effective retrofit option. 

Fragility curves that were developed using nonlinear analysis showed that the 

representative as-built bridge bent is more susceptible to subduction zone ground motions as 

compared to the response of the RC bent retrofitted with buckling-restrained braces. As a 

result, the analyses of the fragility curves revealed the effectiveness of the proposed retrofit 

measure in mitigating probable damage undergo by the structure during a major seismic 

event. The fragility curves and the retrofit measure as presented in this study aim to improve 

the criteria for retrofitting prioritization, estimation of potential losses and help with the 

decision of selecting a suitable retrofit measure in areas prone to subduction zone mega 

earthquakes. 

8.2 FUTURE WORK 

The implementation and experimental validation of buckling-restrained braces as 

retrofit and repair measure for RC bridges was the primary outcome of this study. Future 

research on the implementation of buckling-restrained braces as seismic retrofitting and 
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repairing of multi-column bridge bents on the field of retrofit and repair measures 

considering subduction zone earthquakes would be very beneficial and is summarized below.  

 Quasi-static loading protocols were utilized in the experimental part of this project. 

Dynamic or Pseudo-dynamic tests should be conducted to further validate the 

proposed loading protocols and the proposed retrofit measure. 

 More case studies with different configurations should be analyzed in order to broad 

the applicability of the BRB system, and to assess the effect of the retrofit measure 

by using different BRB configurations.  

 Impact of the implementation of BRB on landscape, issues with debris collection 

and long term effects, such as corrosion, should be investigated.  

 Different connections between gusset plate and concrete should be analytically and 

experimentally studied to ensure satisfactory seismic performance. 

 Comparisons between the retrofit measure presented in this report and others 

currently available in the market should be performed. Cost effectiveness should be 

included in such analysis. 

 Experimental studies are needed to validate other structural fuses such as the 

hysteretic dampers described in Chapter 3. 

 In this study, foundations were modeled using either fixed supports or springs. Pile-

footing interaction was not considered. Soil and liquefaction effects should be 

incorporated into the models. 

 Fragility curves can be improved by further studying the use of different bridge bent 

models with variable geometry, material properties and BRB designs. 
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APPENDIX 

This appendix shows the loading protocols that were developed considering all the 

inelastic excursions in case experimentalists decide those would be more appropriate for 

their application. 

 

 

   

  
 (a) (b) (c) 

Figure 0.1 : Loading protocols considering all excursions for component ductilities (µ) =2, 4 and 8. 
(a) T = 0.5 sec, (b) T = 1.0 sec, (c) T = 2.0 sec. 

Table 0.1 Loading protocols utilizing all excursions 
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Cycle 
Amplitude 

x δyield 

Number of Inelastic Cycles 

Ductility (μ = 4) Ductility (μ = 8) 

T = 0.5s T = 1.0s T = 2.0s T = 0.5s T = 1.0s T = 2.0s 

1.0 4 3 2 8 4 3 

1.1 4 3 2 6 4 3 

1.2 4 3 2 6 4 2 

1.3 3 2 2 4 3 2 

1.4 2 1 1 3 3 2 

1.5 2 1 1 3 2 1 

1.6 2 1 1 3 2 1 

1.7 1 1 - 3 2 1 

1.8 1 1 1 2 2 1 

1.9 1 1 - 2 1 1 

2.0 1 1 1 2 1 1 

2.1 1 - - 2 1 1 

2.2 - 1 - 1 1 1 

2.3 1 - - 1 1 - 

2.4 - - - 1 1 1 

2.5 1 1 1 1 1 - 

2.6 - - - 1 1 1 

2.7 - - - 1 - - 

2.8 - - - 1 1 - 

2.9 - - - 1 - - 

3.0 1 1 1 1 1 1 

3.2 - - - 1 1 - 

3.5 - - - 1 1 1 

4.0 1 1 1 1 1 1 

4.5    1 - 1 

5.0    1 1 1 

5.5    - - - 

6.0    1 1 1 

6.5    - - - 

7.0    - - 1 

8.0    1 1 1 
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